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Development of Australia’s First Hybrid Testing Facility,  
The Multi-Axis Substructure Testing (MAST) System  

 

Riadh Al-Mahaidi, M. Javad Hashemi, Robin Kalfat, Graeme Burnett 

 

Faculty of Science, Engineering and Technology, Swinburne University of Technology 
PO Box 218, Hawthorn, Victoria, 3122, Australia.  

 

ABSTRACT 
One of the major challenges facing the civil 
engineering community is to reduce the risk of 
catastrophic damage due to the extreme loads and 
enhance the resiliency of urban infrastructure. 
Experimental testing of large-scale structures is the 
most reliable means to assess and improve the 
resilience and performance of structural systems 
under extreme loads. The development and use of 
advanced cyber-physical systems, has paved the 
way to enhance the existing experimental methods 
in a suitable and cost-effective manner. Hybrid 
simulation is an innovative cyber-physical testing 
technique in which computational models and 
physical components are integrated at run-time. 
This method overcomes many of the limitations of 
conventional shaking table tests while using 
similar equipment used for quasi-static testing. A 
state-of-the-art hybrid testing facility, referred to as 
the Multi-Axis Substructure Testing (MAST) 
system, has been designed, assembled and 
validated that is capable of simulating the complex 
three-dimensional time-varying boundary effects 
on large-scale structural components. The MAST 
system is unique in Australasia and is capable to 
serve the research community and practice, 
nationally and internationally. The paper presents 
versatile capabilities of the MAST system that will 
greatly advance the current state of knowledge in 
large-scale experimental testing. 

Keywords: Hybrid simulation, large-scale 
structures, extreme loads, 6-DOF system.  

 

INTRODUCTION 

Civil structures are usually designed under a wide 
range of uncertainties, regarding the extreme loads 
that they are required to sustain during their service 
life. One of the major challenges facing the civil 
engineering community today is to develop 
creative ways to reduce the risk of catastrophic 
damage due to these extreme loads, and to enhance 

the resiliency of urban infrastructure. However, 
this requires the prediction of the structural 
response from the linear-elastic range to levels 
approaching collapse and thus poses significant 
challenges. Although there has been much 
advancement in the mathematical models 
employed in computational methods, study of 
structure’s behaviour is still a difficult task since 
the accuracy of the results depends on the 
assumptions made in the characterization of 
member properties. Therefore, experimental 
validation is still essential to examine the 
underlying assumptions made by these numerical 
models, especially considering the existence of 
highly nonlinear elements under extreme dynamic 
loading. Accordingly, a number of experimental 
methods have been used to study the behaviour of 
structures in the nonlinear regimes.  

Currently, there are three types of experimental 
testing procedures to evaluate structural behaviour 
subjected to dynamic loadings, which are shake 
table testing, quasi-static testing, and hybrid 
simulation (Filiatrault et al., 2013). In shake table 
testing, realistic test conditions can be produced to 
evaluate the dynamic behaviour of civil structures. 
In this method, some critical issues such as 
collapse mechanisms, component failures, 
acceleration amplifications, residual displacements 
and post-earthquake capacities can be investigated. 
However, very few shake tables in the world are 
capable of testing full-scale large civil structures. 
The largest shake table in the world, the Hyogo 
Earthquake Engineering Research Center of Japan 
(E-Defense) shake table is located at north of Kobe 
in Miki City, Japan and is capable of supporting 
building experiments weighting up to 12MN, 
which is sufficient to test a full-scale 6-story 
building. However, not only these experiments are 
extremely costly both in terms of operation and 
maintenance of the shake tables and building the 
entire structure on their platforms but also it may 
not provide the testing environment for high-rise 
buildings and long-span bridges. The George E. 
Brown, Jr. Network for Earthquake Engineering 
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Simulation (NEES) equipment sites in United 
States also provides a few shake table facilities 
such as the twin shake tables in the NEES at 
Buffalo, multi shake table testing in NEES at 
Nevada or high performance out door shake table 
in the NEES at UC San Diego. However, due to 
the limitations on the size and load-bearing 
capacity of the testing platform and the interaction 
between the specimen and the shake table, 
structures are typically tested on a reduced scale or 
a highly simplified model is used. Specifically, in 
collapse simulation of the structures, the shake 
table method could be dangerous due to the risk 
associated with collapsing of a structure on and 
potential damage to equipment. In addition, the 
scaled and simplified model does not necessarily 
represent the response of the full or large-scale 
prototype experiencing severe nonlinear 
deformations and collapse.  

Quasi-static testing is another technique used to 
evaluate the performance of civil structures. 
Commonly, this technique is applied to study the 
hysteretic behaviour of structural components 
subjected to a number of cyclic with pre-
determined amplitudes of deformation. Even 
though quasi-static testing can be implemented in 
large scale, it has two major drawbacks. Firstly, it 
requires a pre-defined displacement history, which 
is generally inadequate for resembling the 
structural behaviour as the load distribution 
continuously changes during an actual seismic 
event. Secondly, the effect of the specimen's 
nonlinear behaviour on the overall response cannot 
be studied since there is no interaction between the 
specimen response and the pre-determined loading 
sequence.  

Evolved from pseudo-dynamic testing (Takanashi 
et al., 1975), hybrid simulation is an innovative 
and versatile cyber-physical testing technique that 
could be a cost-effective alternative for shake 
tables to evaluate the dynamic performance of 
large civil structures (Pinho and Elnashai, 2000, 
Nakashima et al., 2006, Wang et al., 2012, Del 
Carpio Ramos et al., 2015). According to a report 
developed by the U.S. Earthquake Engineering 
Community, hybrid simulation capabilities are a 
major emphasis of the next generation of 
earthquake engineering research (Dyke, 2010). 

Hybrid simulation combines the advantages of 
computer simulations and physical testing to 
experimentally test only the critical parts of a 
complete system in realistic scenarios. The 
portions of the prototype structure with well-

understood behaviour are generally modelled 
using standard finite element software, while the 
portions of the structure with highly nonlinear or 
not well-understood behaviour are physically 
tested in the lab. The response of the hybrid 
model to extreme loads is computed by solving the 
equations of motion of the entire hybrid model 
using a time-stepping integration process. 
Computer control software and the specimen 
actuation and sensing system maintain the 
deformation-compatibility and force- equilibrium 
conditions at the interfaces between the numerical 
and physical portions of the hybrid model. A 
comprehensive review of the hybrid response 
simulation method is presented by Saouma and 
Sivaselvan (2008).  

To illustrate this process for the various types of 
substructures in hybrid simulation, an example is 
presented for a multi-story concrete structure. 
Utilizing the hybrid simulation technique, the first-
story corner-column that is typically the critical 
element can be constructed and physically tested in 
the lab and the remaining parts of the structure, 
inertia and damping forces and gravity, dynamic 
loads and the second order effects can be reliably 
modelled in the computer (Fig.1). 

This paper presents the development of the only 
and the most advanced hybrid simulation facility, 
referred to as the Multi-Axis Substructure Testing 
(MAST) system, in Australia. This cutting-edge 
facility advances the current state of technology by 
allowing the experimental simulation of complex 
three-dimensional time-varying boundary effects 
through its multi-axial capabilities. The unique and 
versatile capabilities of the MAST system will 
greatly expand the experimental testing of large-
scale structural components such as beam-column 
frame systems, walls, bridge piers, etc. Using 
MAST system, the developments of new materials 
and structural components, and the effectiveness of 
new retrofit strategies for damaged structural 
elements can be reliably evaluated through three-
dimensional large-scale hybrid simulation, which 
provides significant insight into the effects of 
extreme loading events on civil structures. The 
capabilities and specification of MAST system is 
discussed next. 
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Figure 1. Hybrid simulation technique 

STATE-OF-THE-ART SYSTEM FOR 
HYBRID SIMULATION IN 
AUSTRALIA 

The hybrid testing facility is located in the Smart 
Structures Laboratory at Swinburne University of 
Technology, Melbourne, Australia. The $15million 
laboratory is a major three-dimensional testing 
facility developed for large-scale testing of civil, 
mechanical, aerospace and mining engineering 
components and systems and the only one of its 
type available in Australia. The laboratory includes 
a 1.0m thick strong floor measuring 20m×8m in-
plan with two 5m tall reaction walls meeting at one 
corner and a suite of hydraulic actuators and 
universal testing machines varying in capacity 
from 10tonnes to 500tonnes. The laboratory is 
serviced by adjacent workshops and a hydraulic 
pump system located in the basement. The facility 
is housed in the architecturally striking Advanced 
Technologies Centre and features transparent 
walls, allowing passers-by to watch researchers 
and scientists at work. 

The hybrid simulation system at Swinburne 
consists of several components including software 
and hardware that allow for hybrid testing in 
various configurations. Currently, the experimental 

hybrid procedures include scaled-time hybrid 
simulation (pseudo-dynamic) with substructuring 
but can be extended to real-time hybrid simulation 
and effective force testing. An advanced hardware 
configuration has been set up to ensure a strong 
coupling and a very high-speed data 
communication between the servo-controllers and 
the main computer solving the equation of motion. 
Hybrid simulation frameworks include:  

1. Multi-Axis Substructure Testing (MAST)
system for three-dimensional large-scale
structural systems and components.

2. 1MN universal testing machine that is suitable
for developers and proof-of-concept tests.

3. Generic actuator configuration system for
substructure hybrid simulation tests.

The key components and specification of the 
MAST system is presented next. 

MAST System 
Multi-directional loading on structural components 
has been performed before in the George E. Brown 
Jr. Network for Earthquake Engineering 
Simulation (NEES) facilities in U.S.,  including the 
Multi-Axial Sub-assemblage Testing Laboratory 
located at University of Minnesota, Minneapolis 
(French et al., 2004) that has been used in quasi-
static tests and the Multi-Axial Full-Scale Sub-
Structure Testing and Simulation facility at the 
University of Illinois at Urbana-Champaign 
(Mahmoud et al., 2013, Kim et al., 2011) that has 
been used in displacement control hybrid 
simulation experiments. These systems have the 
capacity for large-scale testing and the ability to 
control multiple DOFs at the boundary of physical 
specimen. Building on the same concept, the 
Multi-Axis Substructure Testing (MAST) system 
at Swinburne University of Technology has been 
established to provide a state-of-the-art facility for 
mixed-mode large-scale quasi-static cyclic testing 
and local/geographically -distributed hybrid 
simulation experiments (Fig. 2). The key 
components of the 6-DOF testing facility are:  

1. Four ±1MN vertical hydraulic actuators and
two pairs of ±500kN horizontal actuators in
orthogonal directions. Auxiliary actuators are
also available for additional loading
configurations on the specimen (Fig. 3 and
Table 1).

Prototype Structure

Model

Numerical 
Elements

Physical 
Element

MAST S
Swin
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2. An advanced servo-hydraulic control system
capable of imposing simultaneous 6-DOF
states of deformation and load in switched and
mixed mode control.

3. A 9.5tonne steel crosshead that transfers the
6-DOF forces from the actuators to the
specimen. The test area under the crosshead is
approximately three meters cubed.

4. A reaction system composed of an L-shaped
strong-wall (5m tall × 1m thick) and 1m thick
strong-floor.

5. An advanced three-loop hybrid simulation
architecture including: servo-control loop that
contains the MTS FlexTest controller (inner-
most loop), the Predictor-Corrector loop
running on the xPC-Target real-time digital
signal processor (middle-loop) and the
Integrator loop running on the xPC-Host ( the
outer loop).

6. Additional high-precision draw-wire absolute
encoders with the resolution of 25microns that
can be directly fed back to the controller.

Figure 2. MAST System in Smart Structures 
Laboratory at Swinburne 

a) Actuator assembly: plan-view b) Actuator assembly: side-view 
Figure 3. Actuator assemblies in the

MAST system 

Table 1. Actuators and DOF specifications 
MAST Actuators Capacity 

Actuator Vertica
l 

Horizontal Auxiliary 

Model MTS 
244.51 

MTS 244.41 2 
M
N 

250 
kN 
100 
kN 
25 
kN 
10 
kN 

(Qty
. 1) 

(Qty
. 4) 

(Qty
. 3) 

(Qty
. 3) 

(Qty
. 1) 

Quantity 4 (Z1, 
Z2, Z3, 

Z4) 

4 (X1, X2, 
Y3, Y4) 

Force Stall 
Capacity 

± 1,000 
kN 

± 500 kN 

Static ± 250 
mm 

± 250 mm 

Dynamic ± 150 
mm 

± 150 mm 

Servo-
Controller 

MTS FlexTest 100 

MAST DOFs Capacity (non-concurrent) 
DOF Load Deformatio

n 
Specimen 
Dimensio

n 
X 1 MN ± 250 mm 3.00 m 
Y 1 MN ± 250 mm 3.00 m 
Z 4 MN ± 250 mm 3.25 m 

Rx  (Roll) 4.5 
MN.m 

± 7 degrees 

R
y 

(Pitch
) 

4.5 
MN.m 

± 7 degrees 

Rz  (Yaw) 3.5 
MN.m 

± 7 degrees 

MAST Reaction System 
The design of the crosshead in the form of a 
cruciform was undertaken independently by 
Swinburne University in collaboration with 
Hofmann Engineering Pty. Ltd. (Hofmann, 2013). 
Nonlinear finite element simulations were 
performed to optimize the design of the MAST 
steel cruciform. The model included all relevant 
details such as: holes for base plate connections 
and stiffener plates. Zones of weakness at weld 
connections were considered by modelling local 
elements of lower strength/stiffness in the vicinity 
of welds. Four load cases were considered to 
induce the highest possible flexure, shear and 
torsion within the structure (Fig.4a). 

The design of the strong wall/floor was undertaken 
independently by Waterman International 
Consulting (Waterman, 2010) engineers in 
collaboration with Swinburne University. The 3D 
strong-cell contains a grid of tie down points 0.5m 
apart to secure the test specimens in place. The 6-

Y3

Y4

X2X1

Z4

Z1

Z3

Z2

Control 
Point 
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DOF hybrid testing facility introduces an array of 
possible loading conditions to both the strong floor 
and reaction wall. 3D solid models were 
constructed to assess the maximum load that may 
be applied to the reaction wall in any given 
configuration without exceeding the tensile 
strength of the concrete. Over 100 load 
configurations were constructed to determine 
maximum allowable wall loading in any given 
scenario (Fig.4b).  

a) FE-model of the crosshead

b) FE-model of the strong wall/floor
Figure 4. FE analysis for MAST reaction systems 

MAST Control System 
The movement of the MAST crosshead is 
governed by the collective movement of four 
vertical and four horizontal actuators. To create a 
desired crosshead movement, actuators are time 
synchronized using a DOF control concept (Thoen, 

2013). This concept allows the user to control 
system motion in a coordinate domain most natural 
to the test. With multiple actuators positioning the 
crosshead, it is impractical to control the system by 
individually controlling each actuator. Therefore, 
the MTS controller (MTS, 2014) has been 
programmed to simultaneously control the 6-DOF 
movement of the crosshead at its datum point, 
where it is attached to the specimen. In DOF 
control, the feedbacks for each loop are determined 
by summing together all individual feedbacks that 
contribute to that specific DOF, and each actuator 
drive-signal is determined by summing together all 
individual DOF error signals that are affected by 
that actuator. In addition, the MAST system 
features mixed-mode control, allowing users to 
specify the displacement or force required for the 
desired direction of loading to test large-scale 
structural components. 

Also, since the MAST system has eight actuators 
operating to control 6 DOFs, it is over-constraint. 
Therefore, in order to manage this redundancy in 
the actuation system, the controller uses force 
balance compensation. Since the crosshead is 
designed to have a very high stiffness, tiny offsets 
in actuator position can generate large distortion 
forces. The force imbalances can seriously limit 
the performance of the system when applying large 
forces to the specimen. Force wasted in distorting 
the crosshead, with actuators working against each 
other, is the force not available to apply to the test 
specimen. Force balance compensation corrects for 
this by ensuring that the force is distributed equally 
among all driving actuators. Further, in order to 
improve the displacement control resolution in the 
hybrid simulation of stiff and strong physical 
specimens, in addition to the actuator’s LVDT, the 
system uses additional high-precision draw-wire 
absolute encoders (SICK, 2014) with 
25micrometers precision for displacement 
feedback.  

Hybrid Simulation Architecture 
The hybrid simulation control system at Swinburne 
uses xPC-Target and consists of a three-loop 
architecture(Stojadinovic et al., 2006), which is 
depicted in Figure 5. The innermost servo-control 
loop contains the MTS FlexTest controller that 
sends displacement/force commands to the 
actuators while reading back measured 
displacements/forces. The displacements are 
measured from both the actuator LVDTs and high-
precision string potentiometers. The middle loop 
runs the Predictor-Corrector actuator command 
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generator on the xPC-Target (Mathworks., 2009) 
real-time digital signal processor (DSP) and 
delivers the displacement/force commands to the 
FlexTest controller in real-time through the shared 
memory SCRAMNet (Systran, 2004). Finally, the 
outer integrator loop runs on the xPC-Host and 
includes OpenSees (McKenna, 2011), MATLAB 
(Mathworks., 2009) and OpenFresco (Schellenberg 
et al., 2009) that can communicate with the xPC-
Target through TCP/IP network.  

Figure 5. Hybrid simulation architecture 

CONCLUSION 

The paper presented a unique and versatile hybrid 
testing facility, referred to as the Multi-Axis 
Substructure Testing (MAST) system, developed 
in Australia for large-scale testing of structural 
components.  This cutting-edge facility can deliver 
significant benefits to structural and earthquake 
engineers by simulating extreme loading 
conditions that currently cannot be produced by 
other means. The system enables the experimental 
evaluation of existing systems, retrofitted systems, 
and newly developed materials and structural 
systems by simulating complex three-dimensional 
time-varying boundary effects in quasi-static cyclic 
and hybrid simulation tests. 
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Abstract— In this investigation, new specimen geometry with 
hexagonal cross-section is proposed to be used instead of 
cylinders and cubes as a control specimen for strength tests. This 
proposal will facilitate the ease of making a cube while avoiding 
the capping or grinding process which is necessary for cylinders 
and gives reliable and reproducible results. For the hexagonal 
specimen, two sizes A and B were selected to give approximately 
the same cross-sectional area of cylinders (150×300 mm and 
100×200 mm). The testing program includes compressive 
strength, splitting tensile strength, and modulus of elasticity.  
Experimental results have shown that there were real similarities 
between the proposed and cylindrical specimens in behavior and 
values.  The ratios of hexagonal to cylindrical specimen of 
compressive strength ranged between 0.95 and 0.96. Meanwhile, 
the overall ratio of tensile strength of hexagonal to cylindrical 
specimens was 0.972 and for the modulus of elasticity the ratio 
was 0.90 for all ages. Finally it was concluded that the proposed 
geometry gives conservative estimation for the investigated 
mechanical properties, thus giving a higher factor of safety for 
structural design purposes. 

Index Terms— Chord modulus, Compression, Hexagon, Split tension, 
Strength. 

I. INTRODUCTION 

COMPRESSIVE strength of concrete is used as the most
important parameter, both for its implications for design 
purposes, and for the structural integrity assessment of any 
concrete-based structural element. Moreover, it has to be 
remarked that most of the other mechanical parameters of 
concrete can be more or less directly related to its compressive 
strength. As a consequence, the accurate evaluation of this 
mechanical parameter represents a key issue from the 
engineering point of view [1]. 
For determining the compressive strength of concrete, most of 
the international standard test methods deal with the loading to 
failure of cylindrical or cubic specimens (e.g. ASTM C39 and 
BS 1881:116, DIN 1048-4). It has become a problem to use 
this value as the control specimen sizes and shapes are 
different from one country to another. National codes and 
specifications in North America, France, Japan, Australia, and 
New Zealand define the cylinder as the standard specimen, 
whereas much of the rest of Europe, and India rely on the cube 
specimen [2, 3]. In Iraq, the local code specifies cubes for 
determining the compressive strength of concrete [4].  

Neville [5] showed that cylinders are believed to give a greater 
uniformity of results for nominally similar specimens because: 
their failure is less affected by the end restraint of the 
specimen; their strength is less influenced by the properties of 
the coarse aggregate used in the mix; the stress distribution on 
horizontal planes in a cylinder is more uniform than on a 
specimen of square cross-section. Moreover, Neville recalled 
that cylinders are cast and tested in the same direction of 
casting, whereas in a cube the line of action of the load is at 
right angles to the axis of the cube as-cast. In structural 
compression member, the situation is similar to that existing in 
a test cylinder, and it has been suggested that, for this reason, 
tests on cylinders are more realistic. Accordingly, the 
European standards EN 206: 2000 (Concrete) and EN 1992: 
2004 (Eurocode 2: design of concrete structures) have 
recommended the use of both cylinders and cubes. But as a 
concluding remark, Neville added that, for any one 
construction project, a single type of compressive strength test 
specimen should be used.  
 The apparent strength of a concrete cylinder may be greatly 
influenced by the manner in which its ends are prepared before 
testing. There is no argument that the ends should be plane and 
normal to the axis of the cylinder. Planeness can be achieved 
for one end by casting against a machined base plate. The 
other end must be capped with a suitable material or ground 
smooth and plane. If the bottom is not cast against a machined 
base, both ends must be ground or capped [6, 7]. 
Park and Suh [8] stated that various errors in measuring 
compressive strength of concrete tend to be due to the test 
method and end conditions of specimens. Thus, capping at the 
end of concrete cylinder should satisfy the specific standards 
set forth in ASTM C 617 in order to obtain accurate test 
results for the compressive strength of concrete. Of a 
particularly important concern in the case of high strength 
concrete cylinder is that the reliable data on its compressive 
strength can be measured only by a special end-capping 
method. The method of cutting and grinding the end of a 
cylinder is employed in the compression test of high strength 
concrete, because the compressive strength test by 
conventional bonded-type methods using a cap with sulfur-
mortar, high-strength mortar or high-strength gypsum has 
shown relatively less reliable values of the compressive 
strength. Unbonded capping methods such as grinding or 
capping with pads is not efficient in economical administration 
and easy administration of the test as well. 
In addition to that, in testing to determine different types of 
strength (i.e. compressive, tensile, and flexural) different types 
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of specimen’s geometry should be employed (i.e. cylinders, 
cubes, and prisms). 

 

II. RESEARCH SIGNIFICANCE 
As a consequence for what is stated above, this investigation 

is made to develop: 
1.  A specimen that facilitates the ease of the preparation 

and casting of a cube as a control strength specimen while 
avoiding the capping or grinding process for a cylinder and 
reducing the cost and time it takes to conduct. Therefore, the 
proposed specimen will achieve both the user-friendliness just 
like a cube and the more reliable result of a cylinder in an 
acceptable way.  

2. Moreover, the new specimen’s geometry is proposed not 
only for compressive strength but also for splitting tensile 
strength, and modulus of elasticity.   
 

III. MATERIALS AND EXPERIMENTAL WORK 

A. Specimen description and dimensions 
The new proposed specimens used in this investigation were 
cast in steel molds to obtain a specimen having hexagonal 
cross section of two areas (sizes) A and B, and  lengths of 
304.8 and 203.2 mm respectively, as shown in Fig. 1. Each 
one of these steel molds consists of five parts joined together 
by 12 bolts with10 mm diameter as shown in Fig. 2 (a and b). 
As shown in Fig. 3, there are two dimensions, d1: the distance 
between two parallel faces and d2: the distance between two 
parallel faced-corners in the specimen. 
The area of the hexagonal cross section of the specimen could 
be measured as: 
 

Area of hexagon = (3× √3 × b P

2
P)/ 2                              (1) 

 
Where:  b = is the least lateral dimension. 

The hexagonal cross sectional area has six corners of 120 O. It 
was intended to make the hexagonal cross sectional area of 
both sizes A and B to be equal to the cylindrical shape 
specimens having diameters of 152.4 mm and 101.6 mm 
respectively as shown in Table 1. 
 
 B. Materials: 
Iraqi ordinary Portland cement, OPC, was used in this study. It 
conforms to the ASTM C150/C150 M-11/Type I. Silica fume, 
SF, was used by 10 percent as partial replacement by weight of 
cement. This mineral admixture conforms to the ASTM 
C1240-10a. Table 2 displays the chemical and physical 
properties of both OPC and SF.  
Natural sand, with a maximum size of 4.75 mm and a fineness 
modulus of 2.53, was used as fine aggregate. The specific 
gravity (SSD) and the sulfate content of this sand were 2.6 and 
0.08 percent respectively. The coarse aggregate was crushed 
gravel with 19 mm maximum size. The specific gravity (SSD) 
and the sulfate content of this gravel were 2.63 and 0.05 
percent respectively. 

A high efficiency acrylic copolymer-based commercially 
known as Betonac 1030 was used as a high-range water 
reducer with a dosage of 1.2 percent for each 100 kg of the 
cementitious materials. This superplasticizer is classified as 
Type G according to the ASTM C494/C494M-10a.  

 

 
Fig. 1. Dimensions of the hexagonal specimens (all dimensions are in 

millimeters) 
 
 

 
Fig. 2.a. Mold assembly for the hexagonal specimens 

 
 

Fig. 2.b. Mold assembly for the hexagonal specimens 
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Fig. 3. Details of the hexagonal specimen 

 
TABLE 1 

 DIMENSIONS AND AREAS OF BOTH HEXAGONAL AND 
CYLINDRICAL SPECIMENS 

Type of mold Dimensions, mm  Area, mm2 Ahex / 
Acyl d1 d2 h 

Hexagonal A 145.50 168.00 304.80 18332.026 
1.0046 

Cylinder A 152.40 -- 304.80 18248.811 
Hexagonal B 97.00 112.00 203.20 8147.567 

1.0046 
Cylinder B 101.60 -- 203.20 8110.583 
 

TABLE 2 
CHEMICAL AND PHYSICAL PROPERTIES OF USED OPC AND SF 
No. Property OPC SF 

1 Oxide Content, %. 

CaO 62.00 1.22 
SiO2 20.00 90.00 

Al2O3 5.00 0.02 
Fe2O3 3.60 0.01 
MgO 2.31 0.01 
K2O 0.48 0.14 
Na2O 0.11 0.23 
SO3 1.44 0.24 

2 Loss on Ignition, LOI, %. 0.50 2.86 
3 Insoluble Residue, IR, %. 1.11 ---- 
4 Moisture Content, %. ---- 0.68 
5 Fineness (Blaine), m2/kg 483 21000 
6 Strength Activity Index, SAI, %. 100 125 

7 
Setting Time (Vicat’s apparatus): 
- Initial, min. 
- Final, min. 

 
170 
270 

 
---- 
---- 

8 Soundness (Autoclave), % 0.25 ---- 

9 Compressive Strength, 
MPa, at: 

3 days 24  ---- 
7 days 35  ---- 

 
C. Mix Proportions 

Mix proportioning was performed in accordance with a 
method called the proposed method as cited by Aïtcin [9]. 
Trial mixes were made to ensure the desired requirements and 
the calculated proportions were adjusted. The final by weight 
mix proportions are 1:1.3:2.13:0.1 (cement: fine aggregate: 
coarse aggregate: silica fume). The cement content is 450 
kg/m3, the water to binder ratio is 0.27 by weight of cement, 
and the 28-day mean compressive strength of a water-cured 
cylinder (100×200 mm) was 77 MPa.  
 

D. Testing Program 

The hexagonal specimens were cast into four series (HEX-A, 
HEX-B, HEX-C, and HEX-D). In addition to that, four series 
of cylindrical specimens (CY-A, CY-B, CY-C, and CY-D) and 
two series of cubical specimens (CU-A and CU-B) were cast 
for comparisons. Table 3 shows the dimensions of specimens 
in each series. 
 

TABLE 3 
 DIMENSIONS OF THE SPECIMEN IN TESTED SERIES 

Series Specimen 
Geometry 

Dimensions, mm  
d1 d2 h 

HEX-A 

Hexagonal 

145.5  168.0  304.8  
HEX-B 97.0  112.0  203.2  

HEX-C 145.5  168.0  
228.9  
152.1  
76.8  

HEX-D 97.0  112.0  
152.6  
101.4  
48.1  

CY-A 

Cylinder 

152.4  ---- 304.8  
CY-B 101.6  ---- 203.2  

CY-C 152.4  
---- 228.6  
---- 152.4  
---- 76.2  

CY-D 101.6  
---- 152.4  
---- 101.6  
---- 50.8  

CU-A Cube 152.4  152.4  152.4  
CU-B 101.6  101.6  101.6  

 
The testing program has been extended to the age of 90 days 
for all series. High strength gypsum plaster was used as a 
capping material for the tested cylinders. It is a blue dental 
material having a compressive strength of 42 MPa after 4h of 
casting. All concrete specimens were water-cured until the age 
of test (7, 28, 56, and 90 days). 
The program included the following tests and according to the 
mentioned standard methods: 
1. Compressive strength test (ASTM C39/C39M-10) for 

series HEX-A, HEX-B, HEX-C, HEX-D, CY-A, CY-B, 
CY-C, CY-D, CU-A, and CU-B.  

2. Splitting tensile strength test (ASTM C496/C496M-04) for 
series HEX-A, HEX-B, CY-A, and CY-B. The test for 
specimens of series HEX-A and HEX-B were carried out 
in two positions. The first one was performed by testing 
the specimen on d2 as shown in Fig. 4a. The second way 
of test was performed by testing the specimen on d1 as 
shown in Fig. 4b. 

3. Chord modulus of elasticity test (ASTM C469/C469M-10) 
for series HEX-B and CY-B.  

 
 
 
 
 
 
 
 
 
 

Fig. 4. Positions for testing splitting tensile strength of the proposed 
specimens 
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IV. RESULTS AND DISCUSSION 
A. Compressive Strength 

The compressive strength at various ages for different series is 
presented in Table 4. Results demonstrate that in general, all 
specimens exhibit continuous gain in compressive strength 
with increasing curing age. The compressive strength of the 
cubic specimens is always greater than those of cylindrical and 
hexagonal specimens.  
Examining the ratios of strength for different series and for 
different ages shows that the ratio of strength for cylinders to 
cubes ranged from 0.82 to 0.94 with a mean value of 0.88. 
Ratios of strength for hexagonal specimens to cubical ones 
were lower than the corresponding values for cylinders to 
cubes. They ranged from 0.79 to 0.89 with a mean value of 
0.84. Many researchers [2, 3] have reported similar results.  
If the comparisons are concentrated on cylindrical and 
hexagonal specimens, it could be concluded that there is a 
linear relationship and high correlation (coefficient of 
correlation r = 0.98) between the results of the two geometries. 
The ratios of hexagonal to cylindrical specimen strength are 
0.95 and 0.96 for series A and B respectively. The final 
fracture pattern of the tested specimens in series CY-A, CY-B, 
HEX-A, and HEX-B are similar to those described in ASTM 
C39/C39M-10 by Type 1 and Type 2. Fig. 5 shows the final 
fracture pattern of some of the hexagonal and cylindrical 
specimens. 
The positive difference in compressive strength between 
cylindrical and hexagonal specimens could be due to the 
direction of casting [10], end confinement resulted from 
capping of cylinders [9], and the uniformity of stress 
distribution on horizontal planes in a cylinder [5]. 
 

TABLE 4  
COMPRESSIVE STRENGTH RESULTS FOR DIFFERENT AGES 

Series 
Compressive strength*, MPa, at age: 

7d 28d 56d 90d 
Mean SD Mean SD Mean SD Mean SD 

CU-A 67.5 0.45 79.7 0.34 93.2 0.38 101.6 0.35 
CU-B 73.8 2.29 82.1 0.24 97.8 0.40 107.3 1.04 
CY-A 56.5 0.81 73.9 0.37 78.7 0.54 92.7 0.41 
CY-B 60.6 0.33 77.1 0.81 86.0 0.26 97.8 1.92 

HEX-A 54.9 1.68 69.3 0.17 73.7 0.23 86.3 0.23 
HEX-B 58.0 0.32 73.0 0.33 82.6 0.45 93.6 0.37 

*: Each strength test represents the average of three test results. 
 

 
Fig. 5. Final fracture pattern for cylindrical and hexagonal specimens in 

compressive strength test, (ASTM C39/C39M-10, Type 1) 

 
B. Effect of Height to Diameter (h/d) Ratio on Compressive 

Strength 
In addition to the results shown in Table 4, the 28-day 
compressive strength test for specimens in series CY-C, CY-D, 
HEX-C, and HEX-D was done to investigate the effect of 
different height to diameter (h/d) ratios on compressive 
strength results.  
Table 5 displays these results. When dealing with relative 
strength (ratio of strength at any h/d to that of h/d equals 2), 
the proposed specimen geometry showed the same trend as 
that of cylinders. Results demonstrate that the compressive 
strength continuously increased with decreasing height as 
shown in Fig. 6. Friction between the bearing faces of the 
testing machine and the test specimen restrains the specimen 
laterally, thereby inducing lateral compression in the specimen 
ends. The portion of the cross section under triaxial 
compressions decreases with distance from the specimen ends. 
At distances from the specimen ends of about 0.8 of the 
diameter, the triaxial effects are negligible. Thus, for 
cylindrical or prismatic specimens having an aspect (h/d) ratio 
of two, cross sections at mid-height should be free of the effect 
of the end restraint. Eliminating end friction would make the 
effect of h/d on strength to disappear but this is very difficult 
to achieve in a routine test [5, 10].  
 

TABLE 5  
RESULTS OF THE 28-DAY COMPRESSIVE STRENGTH FOR 

DIFFERENT (h/d) RATIOS 

Series h/d 

28-day 
compressive 

strength*, 
MPa 

Series h/dav 

28-day 
compressive 

strength*, 
MPa 

CY-A 2.0 73.9 HEX-A 1.95 69.3 

CY-C 
1.5 77.9 

HEX-C 
1.46 74.2 

1.0 85.0 0.97 79.8 
0.5 107.1 0.49 104.1 

CY-B 2.0 77.1 HEX-B 1.95 73.0 

CY-D 
1.5 82.3 

HEX-D 
1.46 79.5 

1.0 89.3 0.97 83.5 
0.5 120.2 0.49 113.9 
*: Each strength test represents the average of three test results. 

 
 

 
Fig. 6. Effect of height to diameter (h/d) ratios on compressive strength of 

specimens in tested series at the age of 28 days 
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C. Splitting Tensile Strength 
The test according to the ASTM C496/C496M-04 was carried 
out on the specimens in series HEX-A, HEX-B, CY-A, and 
CY-B. As shown in Fig. 4, for the proposed specimen 
geometry, the test was done in two positions (on d1 and d2). 
Table 6 shows the results of this test and Fig. 7 displays the 
final fracture pattern of the proposed geometry specimens. 
For hexagonal specimens, the two positions of test revealed 
similar trends but with different values. Testing the specimen 
on d1 always yields higher strength values than testing on d2. 
In the general form of the equation used to calculate the 
splitting tensile strength, it is obvious that the strength is 
inversely proportional to the dimension d [11, 12]. Moreover, 
it was reported by many researchers [5, 11, and 13] that testing 
the specimen without using thin plywood strips would cause 
earlier failure and lower strength irrespective of the shape and 
size of the tested specimens. In addition to that it is believed 
that testing the specimen on d2 could make the compressive 
stresses to be concentrated on the sharp corner of the specimen 
(the line of application of load). This situation will cause the 
crushing of concrete in these areas and will accelerate failure.   
When comparing the values of tensile strength of the proposed 
specimen geometry (series HEX-A and HEX-B) to that of 
cylinders (series CY-A and CY-B), it could be concluded that 
strength values resulted from testing specimens on d1 position 
were much closer to those of cylinders than the results of 
testing on d2 position. The overall ratios of strength of 
hexagonal to cylindrical specimens were 0.972 and 0.781 for 
testing on d1 and d2 respectively. Therefore, testing on d1 is 
recommended in measuring the splitting tensile strength for the 
new geometry. 
 

TABLE 6 
SPLITTING TENSILE STRENGTH RESULTS FOR DIFFERENT AGES 

Series Splitting tensile strength, MPa, at age: 
7d 28d 56d 90d 

CY-A 3.76 4.85 5.34 5.82 
CY-B 4.23 5.68 6.42 6.89 

HEX-A at d1 3.23 4.71 5.15 5.71 
HEX-A at d2 3.24 3.52 3.91 4.19 
HEX-B at d1 4.46 5.63 6.30 6.71 
HEX-B at d2 3.61 4.47 4.96 5.48 

 

 
Fig. 7. Final fracture pattern of the proposed specimens in splitting tensile test 
 
In the present work, the ratio of splitting tensile strength to 
compressive strength (ft / fc) for the proposed specimen 
geometry ranged between 0.050 and 0.077 with an overall 

mean of 0.067. This ratio for cylindrical specimens varied 
from 0.063 to 0.075 with an overall mean of 0.069. Arỉoglu et 
al. [14] stated that this ratio is influenced by the level of 
concrete strength. At low compressive strengths, the splitting 
strengths are as high as 10 percent of the cylinder compressive 
strength but at extremely higher compressive strengths the 
ratio reduces to approximately 5 percent. Aïtcin [9] suggested 
many well-known international relationships between 
compressive and splitting strength, but finally emphasized that 
those relationships that had been suggested for normal 
concrete lose some of their predictive value when going to 
high performance concrete. Anyway, the present work ratios 
were always within the above stated range and the similarity 
between the proposed geometry and cylindrical specimens in 
behavior and values could be considered the most important 
feature in this respect. 
 

D. Chord Modulus of Elasticity 
By making use of the stress-strain relationship in compression 
for specimens in series CY-B and HEX-B, the modulus of 
elasticity, Ec, was measured (chord modulus, ASTM 
C469/C469M-10). Table 7 represents the Ec –values at ages 7, 
28, and 90 days. The average EHEX /ECY ratio was 0.90 for all 
ages.  
Fig. 8 shows the stress-strain curves for the tested specimens, 
CY-B and HEX-B, at the age of 28 days. Both relations are 
linear in the elastic range (σc ≤ 0.4 fc). Moreover, 
deformations (strains) for specimens in both series are almost 
identical in vales and sign. Although, outside the elastic range 
there is an obvious difference in strain values, but both series 
showed reduction in chord modulus with the increase in stress 
[5].  
 

TABLE 7  
 CHORD MODULUS OF ELASTICITY FOR DIFFERENT AGES 

series Modulus of elasticity, GPa, at ages: 
7d 28d 90d 

CY-B 23.03 26.29 32.91 
HEX-B 21.00 24.42 28.28 

 

 
Fig. 8. Stress-strain relationships for series CY-B and HEX-B at the age of 28 

days 
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V. CONCLUSIONS 
1. New specimen geometry, with hexagonal cross-section, is 

proposed to facilitate the ease of the preparation and casting of 
control strength cubes while avoiding the capping or grinding 
process needed for cylinders and reducing the cost and time it 
takes to conduct. Therefore, the proposed specimen will 
achieve both the user-friendliness just like a cube and the 
reliable result of a cylinder in an acceptable way. The new 
specimen’s geometry is proposed not only for compressive 
strength but also for splitting tensile strength, and modulus of 
elasticity. 

2. In order to make comparisons are possible and reliable, 
the dimensions of the hexagonal specimen, in its two sizes A 
and B, are selected to give approximately the same volume and 
cross-sectional area of cylinders [two sizes of cylinders were 
selected for tests, A: with d = 152.4 mm and h = 304.8 mm, B 
with d = 101.6 mm and h = 203.2 mm]. In these dimensions, 
the hexagonal cross-sectional area for both sizes is 0.46 
percent greater than the cylindrical specimens. 

3. For compressive strength test (ASTM C39/C39M-10), 
there are linear relationship and high correlation (r = 0.98) 
between the results of hexagonal and cylindrical specimens. 
The ratios of hexagonal to cylindrical specimen strength are 
0.95 and 0.96 for series A and B respectively. The final 
fracture pattern of the proposed geometry followed the typical 
patterns of the ASTM C39, Types 1 and 2.  

4. When dealing with relative strength (ratio of strength at 
any h/d to that of h/d equals 2), the proposed specimen 
geometry showed the same trend as that of cylinders. Results 
demonstrate that the compressive strength continuously 
increased with decreasing height of the specimen. 

5. For splitting tensile strength test (ASTM C496/C496M-
04), testing on d1 (d1: the distance between two parallel faces) 
is recommended in measuring the splitting tensile strength for 
the new geometry. Strength values resulted from testing 
specimens on d1 position were much closer to those of 
cylinders than the results of testing on d2 position. The overall 
ratios of tensile strength of hexagonal to cylindrical specimens 
were 0.972 and 0.781 for testing on d1 and d2 respectively. 

6. In the present work the ratios of splitting tensile strength 
to compressive strength (ft / fc) were always within the in-
literature stated range and the similarity between the proposed 
geometry and cylindrical specimens in behavior and values 
could be considered the most important feature in this respect. 

7. Measuring the modulus of elasticity, Ec (ASTM 
C469/C469M-10, chord modulus) showed that the stress-strain 
relationships for hexagonal and cylindrical series were linear 
in the elastic range (σc ≤ 0.4 fc). Moreover, deformations 
(strains) for specimens in both series were almost identical in 
vales and sign. 
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Abstract— Shell foundations present an economical alternative 
solution to the conventional plane foundations in case of heavy 
loads to be transmitted to low–bearing capacity soil. Shell 
foundations reveal high bearing capacity values which make them 
suitable in soft or weak soils. At the same time, these foundations 
are thin which makes the failure in concrete preceding the soil 
failure. Therefore, it is intended to improve concrete quality to 
increase its load carrying capacity and develop the shell 
foundation behavior to be close to conventional foundations. 

Reactive Powder Concrete (RPC) is an ultra-high 
strength, low porosity material with high cement and silica fume 
contents and steel fibers. In this study, conical shell footings are 
prepared which are composed of reactive powder concrete. Five 
values of steel fiber volume fractions of 0, 0.5%, 1.0%, 1.5%, and 
2.0% were used in casting the shells, in order to study the effect 
of steel fiber content on the shear strength. Taking into 
consideration the aspect ratio of the fibers used and the type of 
concrete mix, a maximum of 2.0% fiber content was used in 
which the fibers were found to achieve a practical and uniform 
distribution within the fresh and hardened concrete. The finite 
element software ANSYS-Ver. 11 is used in the analysis. 
Harmonic option is used as a type of load that is applied as a 
function of time. It was concluded that the increase of thickness of 
the conical footing with and without ring beam will reduce 
vertical displacement due to increase the rigidity of footing but 
the footing with ring beam has more rigidity than footing without 
ring beam. The vertical displacement decreases with the increase 
of shell foundation thickness by about (4, 5, 6)% for (15 mm) shell 
thickness and for the three amplitudes of dynamic load (30 kN, 40 
kN, 50 kN) and then increases obviously in the case of (20 mm) 
thickness by about (6, 11, 15) more than the (10 mm) thickness; 
the reference case, for the three amplitudes of dynamic load due 
to increase of self-weight of the shell foundation.  
 
Keywords: Conical shell, footing, reactive powder concrete, 
dynamic, finite elements.  
 

I. INTRODUCTION 
he concept of shell footing is not new in foundation design, 
considering past constructions using inverted brick arch 
foundation. The use of inverted brick arches as foundation or 

footing has been in practice in many parts of the world for a long 

 

time. Shells in modern foundation engineering are however relatively 
new. Shell footings have been found to be economical foundations in 
areas having high material to labor cost ratio. Shell footing has 
greater load carrying capacity compared with flat shallow 
foundations. Moreover, shells are essentially thin structures, thus 
structurally more efficient than flat structures. This is an advantage in 
situations involving heavy super structural loads to be transmitted to 
weaker soils (Vesic, 1975). 

Shell footing in foundation engineering however is limited to 
a few geometries, such as conical, pyramidal, hyper, spherical and 
triangular footings (Vesic, 1975).  

Shell foundations have been employed as an alternative for the 
conventional flat shallow foundations and have proven to provide 
economical advantage. They have shown considerably improved 
performance in terms of ultimate capacity and settlement 
characteristics. However, despite conical shell foundations are 
frequently used in industry, the theoretical solutions for bearing 
capacity of these footings are available for only triangular shell strip 
foundations. The benefits in design aspects can be achieved through 
theoretical solutions considering shell geometry.  

The engineering behavior of a conical shell foundation on mixed 
soils was investigated experimentally and theoretically by 
Colmenares et al. (2014). The failure mechanism was obtained by 
conducting laboratory model tests. Based on that, the theoretical 
solution of bearing capacity was developed and validated with 
experimental results, in terms of the internal angle of the cone. In 
comparison to the circular flat foundation, the results show 15% 
increase of ultimate load and 51% decrease of settlement at an angle 
of intersection of 120. Based on the results, the design chart of 
modified bearing capacity coefficients for conical shell foundation 
was proposed. 

Dynamic forces are present in every engineering problem 
although they are only considered to be significant in a few specific 
scenarios. The most high profile situation is when an engineered 
structure is subjected to earthquake induced loading. Finite element 
is the most commonly accepted analysis tool for solution of 
engineering problems. Effective pre and post processing capabilities 
make modeling and interpretation of results simple. 

      It is relatively easy to incorporate changes, if any, and repeat 
the analysis without much loss of time. Viewing of animated mode 
shapes and dynamic response makes understanding of the dynamic 
behavior of the machine foundation system relatively simpler. The 
objective of this study is to present a better understanding of the 
behavior of shell foundations and assess the margin of safety that 
such footing possesses against failure. In this study, the behavior of 
shell foundation and the soil underneath is simulated by nonlinear 
three dimensional finite elements. The numerical solution by the 
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finite element method also includes dynamic analysis of shell 
foundation problem. The problem studies the effect of load frequency 
by taking a range of frequencies and dynamic load amplitudes into 
consideration through studying the response of shell machine 
foundation on sandy soil 

A. Experimental Work Effect of Conical Shell Foundation 
In this study, conical shell footings are prepared which are composed 
of reactive powder concrete. Specimen molds were cleaned 
thoroughly, tightened well and the internal surfaces were oiled with 
thin engine oil to prevent the hardened concrete adhesion with molds. 
Steel wires were fixed at their correct position inside the molds. Each 
layer was compacted by external table vibrator to minimize the air 
voids and to get well compacted concrete. Then, the top surface of 
the specimen was well finished using a steel trowel, so that the upper 
surface of the wooden block is kept level with the concrete surface. 

Five values of steel fiber volume fractions of 0, 0.5%, 1.0%, 
1.5%, and 2.0% were used in casting the shells, in order to study the 
effect of steel fiber content on the shear strength. Taking into 
consideration the aspect ratio of the fibers used and the type of 
concrete mix, a maximum of 2% fiber content was used in which the 
fibers were found to achieve a practical and uniform distribution 
within the fresh and hardened concrete. If greater than this percentage 
was used, mixing problems would rise as a result of the substantial 
immediate loss of workability of the mix and non- uniform 
distribution of fibers due to the effect of fiber balling so that great 
efforts and relatively long vibration time would be required in 
manufacturing the test shells (Al-Hamdani, 2013). 
In this study, conical shell foundations are tested with ring 
beam with reactive powder cement and normal concrete to 
study the effect of steel fiber on the behavior of shell 
foundations. The shallow shell foundations details are 
presented in Figure (1) and Table (2). 

 
Fig. (1) Conical shell footings - general details. 

Finite Element Analysis  
The finite element method is a numerical procedure which can be 
applied to solve a numerous engineering problems, that has become a 
powerful and versatile tool for structural analysis in both linear and 
nonlinear formulations of reinforced concrete structures. In the study 
the finite element software ANSYS-Ver. 11 is used in the analysis. 
Some features of this program are discussed below.  

Finite element idealization and material properties 
Three dimensional brick element (Solid 65) is used to model the 
concrete with or without reinforcing bars (rebars). The element is 
capable of cracking in tension and crushing in compression. The steel 
reinforcing bars (tensile, compressive, and stirrups) are represented 
by using 2-node discrete representation (Link8 in ANSYS) and 
included within the properties of 8-node brick elements. The Solid 45 
is used for the 3-D modeling of solid structures. The element is 
defined by eight nodes having three degrees of freedom at each node: 
translations in the nodal x, y, and z directions. By making use of 
symmetry of loading, geometry and reinforcement distribution, the 
RPC conical footings have been considered in the finite element 

analysis. The chosen segment was modeled by using the Solid 65 
isoparametric hexahedral brick elements.  

Figures (2) to (13) depict the frequency displacement 
curves for shell foundation under three amplitudes of vertical 
dynamic load and for three thicknesses. The vertical displacement 
was found to increase with increase of amplitudes of vertical dynamic 
load.  

The vertical displacement decreases with the increase of shell  
foundation thickness by about (4, 5, 6)% for (15 mm) shell thickness 
and for the three amplitudes of dynamic load (30 kN, 40 kN, 50 kN) 
and then increases obviously in the case of (20 mm) thickness by 
about (6, 11, 15) more than the (10 mm) thickness; the reference 
case, for the three amplitudes of dynamic load due to increase of self-
weight of the shell foundation as shown in Figures (2) to (4).  

In shell foundation without ring beam, the vertical 
displacement decreases with the increase of shell foundation 
thickness by about (7, 10, 15) % for (15 mm) shell thickness under 
the effect of amplitude dynamic load (P= 30, 40, and 50 kN) and (11, 
19, 25) % for (20 mm) shell thickness under the same amplitudes as 
shown in Figures (2) to (4). 

The vertical displacement of shell foundation with ring beam 
decreases by about (20, 40, 56) % for shell foundation without ring 
beam of thickness (10 mm) for three amplitudes of dynamic load (30, 
40, 50), respectively, while it decreases by about (18, 20, 19) % for 
shell foundation without ring beam of thickness (15 mm), and about 
(10, 40, 60) % for shell foundation without ring beam of thickness  
(20 mm) for  the same amplitudes as shown in Figures (2) to (7).  

The maximum displacement occurs for the (10 mm) shell 
foundation with ring beam thickness at frequency ratio of (1.11) for 
the three amplitudes applied, while for the (15 mm) thickness, it takes 
place at frequency ratio of (0.55), and for the (20 mm) at frequency 
ratio of (0.55) as shown in Figures (8) to (10). The foundation must 
be designed such that the frequency ratio is less than 0.5 or more than 
2.  

In Figures (11) to (13), the maximum displacement for the 
(10 mm) shell foundation without ring beam thickness occurs at 
frequency ratio of (0.66), for the (15 mm) thickness, it is noticed to 
taken place at frequency ratio of (1.11), while for the (20 mm) 
thickness foundation, it takes place at frequency ratio of (0.66) for 
the three amplitudes of load. 

The maximum vertical displacement is reduced by about (11, 
40) % of the beam size (20*20 mm) when the beam size is increased 
to (20*30 mm and 20*40 mm), respectively, This behavior is due to 
the ring beam importance in increasing the rigidity of the footing; 
therefore, the increase of the dimensions of the ring beam will reduce 
the vertical displacement as shown in Figure (14). 
 The maximum displacement occurs for the three sizes of ring beam 
at frequency ratio of (1.11, 1.11, and 0.77) for the beam size (20*20 
mm, 20*30 mm, and 20*40 mm), respectively, as shown in Figure 
(15). 
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Fig. (2) Variation of vertical displacement with frequency of load for 
the conical foundation with ring beam, shell thickness = 10 mm due 

to vertical dynamic load. 

 
Fig. (3) Variation of vertical displacement with frequency of load for 
the conical foundation with ring beam, shell thickness = 15 mm due 

to vertical dynamic load. 

 
Fig. (4) Variation of vertical displacement with frequency of 

load for the conical foundation with ring beam, shell thickness 
= 20 mm due to vertical dynamic load. 

 
Fig. (5) Variation of vertical displacement with frequency of 

load for the conical foundation  without ring beam, shell 
thickness = 10 mm due to vertical dynamic load. 

 

Fig. (6) Variation of vertical displacement with frequency of 
load for the conical foundation without ring beam, shell 

thickness = 15 mm due to vertical dynamic load. 

 
Fig. (7) Variation of vertical displacement with frequency of 

load for the conical foundation without ring beam, shell 
thickness = 20 mm due to vertical dynamic load. 

 
Fig. (8) Variation of vertical displacement with frequency ratio 

of load for the conical foundation with ring beam, shell 
thickness = 10 mm due to vertical dynamic load. 

 

 
Fig. (9) Variation of vertical displacement with frequency ratio 

of load for the conical foundation with ring beam, shell 
thickness = 15 mm due to vertical dynamic load. 
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Fig. (10) Variation of vertical displacement with frequency 
ratio of load for the conical foundation with ring beam, shell 

thickness = 20 mm due to vertical dynamic load. 

  
Fig. (11) Variation of vertical displacement with frequency 
ratio of load for the conical foundation without ring beam, 

shell thickness = 10 mm due to vertical dynamic load. 

 
Fig. (12) Variation of vertical displacement with frequency 
ratio of load for the conical foundation without ring beam, 

shell thickness = 15 mm due to vertical dynamic load. 
 
 

 
Fig. (13) Variation of vertical displacement with frequency 
ratio of load for the conical foundation without ring beam, 

shell thickness = 20 mm due to vertical dynamic load. 

 

Fig. (14) Variation of vertical displacement with frequency of 
load for the conical foundation for different of sizes of ring 

beam, due to vertical dynamic load. 

 
Fig. (15) Variation of vertical displacement with frequency 

ratio of load for the conical foundation for different of sizes of 
ring beam, due to vertical dynamic load. 

B. Conclusions: 
1. The increase of thickness of the conical footing with and 

without ring beam will reduce vertical displacement due to 
increase the rigidity of footing but the footing with ring 
beam has more rigidity than footing without ring beam.  

2. The vertical displacement decreases with the increase of shell 
foundation thickness by about (4, 5, 6)% for (15 mm) shell 
thickness and for the three amplitudes of dynamic load (30 
kN, 40 kN, 50 kN) and then increases obviously in the case 
of (20 mm) thickness by about (6, 11, 15) more than the 
(10 mm) thickness; the reference case, for the three 
amplitudes of dynamic load due to increase of self-weight 
of the shell foundation.  

3. The maximum vertical displacement is reduced when the size 
of the ring beam is increased, the reduction is about (11, 
40) % of the beam size (20*20 mm) when beam size is 
increased to 20*30 mm and  20*40 mm, respectively.  
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Abstract- In this paper the compression strength and modulus of 
elasticity of structural normal and lightweight aggregate concrete 
mixes is evaluated by the non-destructive ultrasonic pulse 
velocity method and rebound hammer method. The experimental 
program consists of five different concrete mix proportions 
ranging from lightweight to normal weight concrete density.  It is 
found that lightweight and normal weight concretes are affected 
differently by mix design parameters. The prediction of the 
concrete's compression strength by means of the non-destructive 
ultrasonic pulse velocity test is studied. Based on the dependence 
of the ultrasonic pulse velocity on the density and elasticity of 
concrete, a simplified expression is obtained using nonlinear 
regression of power fit with R2 = 1.0, correlation coefficient 
(0.9999) and Standard Error (0.0196) to estimate the compressive 
strength, regardless the type of concrete and its composition. 
 
Keywords: Lightweight concrete, Porcelanite, Cylinder compressive 
strength, NDT compression strength relationship, UPV modulus elasticity 
relationship. 
 
Introduction: Concrete which is a composite material is one 
of the most important construction materials in structures. 
Compressive strength and modulus elasticity are commonly 
used parameters for the design purposes, and for assessment of 
concrete quality. Various destructive and Non-Destructive 
Test (NDT) methods have been developed for determining the 
compressive strength. The aim of these tests is to control 
concrete production and determine under service loads 
deteriorations in buildings on time. The most (NDT) 
commonly used testing methods are rebound hammer, 
Ultrasonic Pulse Velocity (UPV), pullout, probe penetration 
test and combined methods. There are several structural 
advantages for using lightweight concrete (LWC) as a 
building material. The reduction of dead load due to a lower 
density of concrete allows for smaller and lighter-weight 
structural members. Reductions in the dimensions of columns 
and beams result in more available space, and reductions in 
their self-weight can improve the seismic resistance capacity 
of building structures [1]. Lightweight Concrete is considered 
as having a density not exceeding 1920 kg/m3, while normal 
density concrete is considered to have the usual density 
ranging from 2240 to 2480 kg/m3 [2]. Lightweight concrete 
has a minimum 28-day cylinder compressive strength of 
17.0MPa. Recent researches [3- 12] have shown that there is 
an abundant supply of lightweight rocks that may be used to 

produce concrete of lower density than the present practice in 
this country. The aggregate, which is used, is quarried from 
rocks discovered in the Iraqi Western Desert. It is called 
Porcelanite [13]. Figure 1, shows the location of Porcelanite 
rocks. 

 
Fig.1- Map of Porcelanite rocks zone location. State Company 

of Geological Survey and Mining, Ministry of Industry and 
Minerals, Baghdad-IRAQ 

 
Research Significance: In concrete construction, selfweight 
represents very large proportions of the total load on the 
structure, and there are clearly considerable advantages in 
reducing the density of concrete. As a result of this weight 
reduction, smaller sections are obtained with corresponding 
reduction in the size of foundations. With lightweight concrete 
(LWC) the formwork needs to withstand a lower pressure than 
would be the case with normalweight concrete (NWC). Also, 
the total weight of material to be handled is reduced with a 
consequent increase in productivity. This experimental 
research is aimed to verify the possibility of applying the 
known NDT (rebound hammer and UPV) methods to normal 
and porcelanite aggregate lightweight concrete, to state the 
limits of the testing equipment available and to determine new 
relations between ND parameters and compressive strength, 
modulus elasticity of normal and porcelanite aggregate 
lightweight concrete[1]. 
 

Experimental Work: The characteristics of concrete types 
were designed to cast five series of concrete specimens. The 
type of concrete depends on the basis of volumetric fractions, 
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for concrete containing normalweight fine aggregate (sand) 
and a blend of lightweight (100%, 75%, 50%, 25% and 0% of 
graded Porcelanite) and normalweight coarse aggregates (0%, 
25%, 50%, 75%, 100% of graded gravel) according to ACI 
318M-11[14]. 
Ordinary Portland cement (Type-1) produced by United 
Cement Company (Tasluga-Bazian), Sulymania-IRAQ, was 

used throughout this work. The chemical and physical 
properties of such cement are presented in Tables 1 and 2, 
respectively. Test results indicate that the adopted cement 
conformed to ASTM C150-04[15] and Iraqi Standard 
Specifications IQS No. 5/1984[16]. 

 
Table 1-Chemical requirements of cement 

No. Compound 
Composition 

Chemical 
composition 

weight 
% 

ASTM C150 
– 04(16) IQS  5/1984(17) 

1 Lime CaO 63.19 ∗∗∗ ∗∗∗ 
2 Silicon Dioxide SiO2 21.60 20.0 min ∗∗∗ 
3 Aluminum oxide Al2O3 4.10 6.0 max ∗∗∗ 
4 Ferric oxide Fe2O3 4.48 6.0 max ∗∗∗ 
5 Magnesium oxide MgO 2.28 6.0 max 5 max 
6 Sulfur trioxide SO3 1.98 3* max 2.5**max 
7 Loss on ignition L.O.I 2.45 3 max 4 max 
8 Insoluble residue I.R 0.47 0.75 max 1.5 max 
9 Lime saturation factor L.S.F 0.905  0.66-1.02 

 
 

Table 2- Physical requirements of cement 

Physical Properties Test 
Results 

ASTM C150 – 
04(1) 

IQS  
5/1984(17) 

Fineness using Blaine air permeability apparatus ( m2/kg) 332 280 min 230 min 
Soundness using autoclave method(%) 0.19 0.8 max 0.8 max 
Time of setting (Vicat)    
Initial time( minutes) 175 45 min 45 min 
                       Final time ( minutes) 225 375 max 600 max 
Compressive strength-MPa for cement paste cube mold 
(50 mm) at:    

                              3 days 19.4 12 min 15 min 
                              7 days 32.4 19 min 23 min 
                            28 days 40.5 ∗∗∗ ∗∗∗ 

∗ when  C3A ≤ 8% then max. SO3 =3.0%,     when  C3A > 8% then max. SO3 =3.5% 
∗∗when  C3A ≤ 5% then max. SO3 =2.5%,       when  C3A > 5% then max. SO3 =2.8% 
∗∗∗ Not applicable. 
Normalweight natural sand from Al- Akhaider region was 
used as fine aggregate. Before its incorporation into the 
concrete mix, sand was sieved on 9.5 mm sieve. Grading of 
the sand to be accomplished according to the requirements of 
ASTM C136-05 [17], is shown in Figure 2. Physical and 
chemical tests on sand used throughout this work are shown in 
Table 3. The obtained results indicate that the fine aggregate 
grading and the sulfate content were within the requirement of 
ASTM C33-03[18] and IQS No. 45/1984[19] specifications. 
 
 
 
 
 
 
 
 

Table 3- Chemical and physical requirements of fine 
aggregate 

Type of test Test 
Results 

Specification 

SO3 (%weight) 0.166 IQS 45/1984 (20) 
Material finer than 
75 µm (%weight) 3.5 ASTM C 33-03 (19) 

& IQS 45/1984 (20) 
Specific gravity 

SSD) 2.53 ASTM C 128-
04(21) 

Absorption % 2.2 ASTM C 128-
04(21) 

Dry loose unit 
weight (kg/m3) 1585 ASTM C 29-03 (22) 
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Fig. 2-Sieve analysis of fine aggregate 

 
Local naturally occurring lightweight aggregate of Porcelanite 
stone (has a white color) was used as coarse aggregate. It was 
received in large lumps from the State Company of Geological 
Survey and Mining, Ministry of Industry and Minerals. The 
quarry of this stone occurs in Wadi Mallusa (Rutba) at 
Western Desert of Al-Anbar Governorate, Plate 1. The lumps 
were firstly crushed into smaller sizes manually by means of a 
hammer in order to facilitate the insertion of lumps through 
the feeding openings of the crusher machine. The jaw crusher 
was set up to give a finished product of about 19 mm 
maximum aggregate size. The aggregate taken from the 
crusher was screened on a standard sieve series complying 
with ASTM C330-05[20] specifications, as indicated in Figure 
3. The test results of chemical compositions and physical 
properties determined for coarse Porcelanite aggregate are 
shown in Tables 4 and 5. 

 
Plate 1-Natural Porcelanite stone 

 

 
Fig. 3- Adopted grading of coarse Porcelanite aggregate 

 

 
Table 4-Chemical analysis of Porcelanite stone 

No. 
Chemical 

compositions 
(%) 

X-Ray 
analyzer* 

S.C.G.S.M.
• 

1 SiO2 74.0313 62.02 
2 CaO 5.6296 11.55 
3 MgO 3.6556 7.20 
4 Al2O3 3.6539 2.71 
5 P2O5 1.1600 ----- 
6 Fe2O3 0.9794 0.87 
7 TiO2 0.1773 0.18 
8 K2O 0.1707 ----- 
9 Na2O 0.0662 ----- 

10 Cr2O3 0.0245 ----- 
11 SO3 0.0090 0.30 
12 MnO 0.0043 ----- 
13 L.O.I 11.2000 13.86 

 Sum 100.7617 98.21 
*Cimenterie National S.A.L. plant, Lebanon 
•State Company of Geological Survey and Mining,   Baghdad, IRAQ. 

 
Table 5- physical properties of Porcelanite stone 

No. Property Test Result Specifica
tion 

1 Density (OD) - kg/m3 1447 

ASTM C 
127-04(23) 

2 Density (SSD) - kg/m3 1860 
3 Apparent Density - kg/m3 2397 

4 Relative density (Specific 
gravity)-(OD) 1.48 

5 Relative density (Specific 
gravity)-(SSD) 1.86 

6 Apparent relative density 2.4 
7 Absorption % 32% 
8 Saturation % 3.6 

9 Loose Bulk Density 
(Apparent) - kg/m3 721 

ASTM C 
29-03 (22) 

10 
Rodding Bulk 

Density(Apparent) - 
kg/m3 

791 

11 Dry Loose unit weight  - 
kg/m3 708 

12 Dry Rodded unit weight  
- kg/m3 785 

13 Loose Bulk density 
(SSD) - kg/m3 891 

14 Rodding Bulk density 
(SSD) - kg/m3 989 

15 Voids (Loose) - % 52 
16 Voids (Rodding) - % 47 

 
River gravels were used in this work with a maximum size of 
19 mm, specific gravity of 2.65, bulk density of 1670 kg/m3, 
Absorption % of 0.64, SO3 content of 0.052% (< 0.1% limit 
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(20)), irregular, rounded shape, having smooth surface texture. 
According to nominal size of aggregate 19.0 to 4.75 mm as 
indicated in Table 2 of ASTM C33-03[20], the average of 
lower and upper limits of % passing gradations of aggregate 
was adopted to find % retained, by sieve shaker screening 
performed manually. The selected grading of gravel according 
to ASTM C33-03 [18] is indicted in Figure 4. 
 

 
Fig. 4- Adopted grading of coarse gravel aggregate 

 
Concrete mixes containing Porcelanite aggregate as 
lightweight aggregate should have an oven - dry density < 
2000 kg/m3, and 28-day cylinder compressive strength > 17.0 
MPa. These mixes were designed in accordance with ACI 
Committee 211-2-98. They fall in class І of the RILEM 
classification, which is adopted by CEB/FIP Manual of 
Concrete Design and Technology. To produce Sand-
Lightweight Aggregate Concrete (SLWAC), the mixing 
proportion [cement: sand: aggregate] was 1:1.12:0.84 by 
weight (or 1:1.36:1.42 by volume) and the water–cement ratio 
was 0.4. 
 

Table 6- Selected concrete mixes proportion 

No. 

Mix proportion, by 
weight (Cement: 

Sand: Gravel: 
Porcelanite) 

Cement 
kg/m3 

Sand 
kg/m3 

Gravel 
kg/m3 

Porcelanite 
kg/m3 

1 1:1.12: 0.0 : 0.84 540 605 0 454 

2 1:1.12: 0.4767 : 
0.63 540 605 257 340 

3 1:1.12: 0.9534 : 
0.42 540 605 515 227 

4 1:1.12: 1.4301 : 
0.21 540 605 772 112 

5 1:1.12: 1.9068 : 0.0 540 605 1030 0 
 
The control specimens for each different batch included at 
least three standard cylinders 300 mm high with 150 mm 
diameter. All specimens were cast and compacted on a 
vibrating table. After 24 hrs, the specimens were removed 
from molds and immersed in water at room temperature [21]. 
 
Non-Destructive Test of Porcelanite Aggregate Concrete 
Ultrasonic pulse velocity (UPV): Ultrasonic pulse velocity 
equipment (Plate 2A) measures the transit time of a pulse 
between transducers placed on the surface of a body of 

concrete. The pulse velocity can then be calculated using the 
measured path length through the concrete. For strength 
estimation, it will be necessary to place the transducers on 
opposite faces of the concrete element. It may be possible to 
improve strength measurement value if the density is known, 
or by combination with measured rebound numbers. The pulse 
velocity depends upon the Young’s modulus, Poisson’s ratio 
and density of the medium. It is necessary to consider the 
various factors which can influence pulse velocity and its 
correlation with various physical properties of the concrete, 
such as moisture content, temperature of the concrete, path 
length, shape and size of specimen and effect of reinforcing 
bars. Table 7 show the laboratory air dry density and UPV test 
measures values of transit time, pulse velocity, compressive 
strength (f'c), static modulus of elasticity (Ec) according to 
ASTM C597-02 [22], BS 1881-203 [23] for control cylinder 
specimens, (Plate 2B). 
From Table 7, Figure 5 shows the relationship between 
measured compressive strength and pulse velocity. By 
applying Microsoft Excel 2010 software, the proposed 
expression obtained using nonlinear regression of power fit 
with R2 = 1.0, correlation coefficient (0.9999) and Standard 
Error (0.0196): 

 
          

c
f ′  = 10.7085V 0.8087    … (1) 

Where: 

c
f ′  = cylinder compressive strength, MPa 

V   = wave pulse velocity recorded by UPV instrument, km/sec 
 

 
Fig.5-Relationship between wave pulse velocity (V) and 

compressive strength f'c by using UPV test. 
 

Figure 6, shows the relationship between concrete modulus of 
elasticity and wave pulse velocity by using UPV test, where 
the proposed expression is obtained using nonlinear regression 
of power fit with R2 = 0.9879, correlation coefficient (0.9941) 
and Standard Error (0.4825): 

 
          Ec = 9.5546 V 0.7495    … (2) 
Where 
Ec = concrete modulus of elasticity, GPa 
V = wave pulse velocity recorded by UPV instrument, km/sec 
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Table 7-Ultrasonic pulse velocity test results of cylinder specimens 

Mix No. Specimen 
(cylinder)  

Weight 
(gm) 

Density 
(kg/m3) 

Transit 
Time 
(µs) 

Pulse 
Speed 

(km/sec) 
cf ′  

(MPa) 

Ec 
(GPa) 

(1) 
(100% Porc.+ 

0% gravel) 
(SLWAC) 

A 9470 1786 160 1.88 17.80 14.47 
B 9410 1775 185 1.62 15.84 13.84 

C 9540 1800 165 1.82 17.37 14.53 

Average 9473 1787 170 1.77 17.00 14.28 

(2) 
(75% Porc.+ 
25% gravel) 

A 10135 1912 155 1.94 18.28 16.15 

B 10480 1977 140 2.14 19.84 17.41 

C 10190 1922 150 2.00 18.77 16.41 

Average 10268 1937 148 2.03 18.96 16.65 

(3) 
(50% Porc.+ 
50% gravel) 

A 10945 2065 118 2.54 22.78 19.37 

B 11100 2094 110 2.73 24.11 20.12 

C 10920 2060 122 2.46 22.18 19.14 

Average 10988 2073 117 2.58 23.03 19.54 

(4) 
(25% Porc.+ 
75% gravel) 

A 11725 2212 95 3.16 27.15 22.63 

B 11740 2214 93 3.23 27.62 22.78 

C 11875 2240 85 3.53 29.70 23.69 

Average 11780 2222 91 3.30 28.16 23.04 

(5) 
(0% Porc.+ 

100% gravel) 
(NWAC) 

A 12675 2391 76 3.95 32.51 26.85 
B 12680 2392 75 4.00 32.86 26.95 

C 12635 2383 80 3.75 31.19 26.38 

Average 12663 2389 77 3.90 32.19 26.73 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

25



 
 
 

Table 8-Rebound number test measurements of control cylinder specimens for different concrete mixes   

No. 

For Mix-1 
100% 

Porcelanite 
+ 0%gravel 

For Mix-2 
75% Porcelanite 

+ 25%gravel 

For  Mix -3 
50% Porcelanite 

+ 50%gravel 

For  Mix -4 
25% Porcelanite 

+ 75%gravel 

For  Mix -5 
0% Porcelanite 
+ 100%gravel 

A B C A B C A B C A B C A B C 
1 23 20 21 26 26 27 27 28 27 30 31 30 33 32 32 
2 23 28 21 25 24 25 27 29 28 31 31 31 32 33 31 
3 22 29 24 24 25 26 30 26 26 28 32 30 32 33 34 
4 20 24 23 25 27 25 29 28 29 30 29 30 34 34 32 
5 23 24 24 25 25 26 26 25 30 29 30 29 33 32 32 
6 25 21 23 27 27 27 28 25 31 31 32 30 32 31 33 
7 25 20 22 27 25 24 25 27 25 29 29 31 33 32 31 
8 22 18 21 25 28 26 28 27 26 32 30 29 33 32 31 
9 24 19 25 25 25 25 29 28 25 31 29 32 32 32 34 

10 21 19 24 26 27 25 29 29 28 30 30 30 34 31 30 
AVG 22.8 22.2 22.8 25.5 25.9 25.6 27.8 27.2 27.5 30.1 30.3 30.2 32.8 32.2 32.05 

c
f ′  18.3 17.4 18.3 22.1 22.6 22.2 25.5 24.5 25.0 29.4 29.7 29.6 33.8 32.8 32.4 

Avg. 
f'c 18.02 22.29 25.00 29.58 32.98 

SD 0.55 0.29 0.52 0.14 0.72 
COV 3.08% 1.28% 2.06% 0.46% 2.18% 

* SD: Standard Deviation. 
** COV: Coefficient of Variation 

 

 
Fig.6-Relationship between wave pulse velocity (V) and 

modulus of elasticity (Ec) by using UPV test. 
 
Rebound number test (Schmidt hammer): This is a 
nondestructive test for estimating the concrete compressive 
strength. The Schmidt rebound hammer method is simple to 
use and provides a quick, inexpensive means of checking 
uniformity of in-place hardened concrete. This test relies on 
measuring the concrete strength by measuring the hardening at 
the surface. It is used to identify the concrete compressive 
strength of the member by using calibration curves of the 
relationship between rebound number and compressive 
strength. The rebound hammer test is carried out under the 
guidance of ASTM C 805-02 [24] to assess the general 
quality, uniformity, and compressive strength of concrete 
members, (Plate 2C). Minimum number of test readings was 
10, where the extreme values will be excluded and the other 
remaining values are averaged. Table 8 shows the rebound 
number records (R) for control cylinder concrete specimens 

and statistical analysis of the results. The statistical analysis 
indicates that the limits of coefficient of variation (COV) have 
a range 0.45% to 3.08% that satisfies the maximum limit of 
10% according to BS 1881-202:1986 [25]. 
 

 
A 

 
B 

 
C 

Plate 2- A: Ultrasonic Pulse Velocity equipment (Matest Co., 
Model C 373), B: Ultrasonic test used for control specimens, 
C: Rebound number test measurements of control cylinder 

specimens for different concrete mixes 
 
Conclusions: 
In conclusion, we can observe that: 

i. The combined rebound and pulse velocity test 
methods gives good results for any strength level. 

ii. From non-destructive test results (ultrasonic pulse 
velocity), an empirical formula is proposed to predict 
concrete compression strength f'c (MPa) and concrete 
modulus of elasticity (GPa) depending on wave pulse 
velocity (km/sec) with COV = 0.999 and COV = 
0.994, respectively for NWAC and SLWAC: 

cf ′  = 10.7085V 0.8086 

Ec = 9.5844 V 0.7467 
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iii. The presents study puts forward useful mathematical 
nonlinear relationships that help the engineer to 
predict confidently the crushing strength and modulus 
of elasticity of standard concrete cylinder, by 
measuring the wave pulse velocity by means of UPV 
instrument. The mathematical expression is 
applicable for a wide range of concrete strengths. 

iv. The compression strength results from tables 7 and 8 
show good correlation and prediction, where using 
ultrasonic pulse velocity test method and rebound 
number test method. 

 
References 

1. Al-Bayati N. A-M., "Behavior of Porcelanite 
Reinforced Concrete Deep Beams," PhD Thesis, 
Building and Construction Engineering Dep., 
University of Technology, Baghdad- IRAQ, April 
2012, 431p. 

2. ACI Committee 213, “Guide for Structural 
Lightweight-Aggregate Concrete (ACI 213R-03),” 
American Concrete Institute, Farmington Hills, MI, 
United States, 2003, 38 p. 

3. Dolby, P. G., "Production and Properties of Lytag. 
Aggregate Fully Utilized for the North Sea," Proc. 
Int. Symposium Structural Lightweight Aggregate 
Concrete, June 20-24, 1995, Sandyford, Norway,   
pp. 326-336. 

4. Al-Haddad, M. Y., “Durability of Porcelanite 
Lightweight Concrete against Chloride and Sulfate 
Solutions,” MSc Thesis University of Technology, 
Aug. 2000, 145 p. 

5. Al-Dhaher, B. A., “The Use of Local Porcelanite for 
the Production of Lightweight Concrete Units,” MSc. 
Thesis, University of Technology, April 2001, 
Baghdad- IRAQ, 113 p. 

6. Al-Ani, M. ,“Corrosion of Steel Reinforcement in 
Structural High Performance Lightweight Concrete,” 
MSc Thesis, University of Technology, April 2002, 
Baghdad- IRAQ, 104 p. 

7. Al-Kadhi, A. G. T., “Engineering Properties of High 
Performance Fiber Reinforced Porcelanite 
Lightweight Aggregate Concrete for Structural 
Purposes,” MSc. Thesis, University of Technology, 
May 2002, Baghdad- IRAQ, 139 p. 

8. Al-Dahkeel, L. M. A., “Corrosion of Steel 
Reinforcement in High Performance Lightweight 
Aggregate Concrete Containing Rice Husk Ash and 
Corrosion Inhibitor,” MSc. Thesis, University of 
Technology, May 2002, Baghdad- IRAQ, 113p. 

9. Al- Wahab, M.A., “Fire Resistance Properties of 
Porcelanite Lightweight Concrete,” MSc Thesis, 
University of Technology, July 2003, Baghdad- 
IRAQ, 133p. 

10. AL-Musawi, J.M., “Flexural Behavior of Porcelanite 
Reinforced Concrete Beams," PhD Thesis, Building 
and Construction Engineering Department, 
University of Technology, 2004, Baghdad- IRAQ, 
181p. 

11. Al-Dhalimi, M. K., "Shear Behavior of Porcelanite 
Aggregate R. C. Beams," PhD Thesis, University of 
Technology, 2005, Baghdad- IRAQ, 146p. 

12. Shuber, M. S., "Behavior of Reinforced Porcelanite 
Concrete Short Columns under Concentric Load," 
PhD Thesis, University of Technology, 2007, 
Baghdad- IRAQ, 160p. 

13. Al-Jabboory, W. M., “Mining Geology of the 
Porcelanite Deposits in Wadi AL-Jandali-Western 
Desert, Iraq,” MSc Thesis, University of Baghdad, 
October 1999, 100 p. 

14. ACI Committee 318, “Building Code Requirements 
for Structural Concrete (ACI 318M-11) and 
Commentary,” American Concrete Institute, 
Farmington Hills, MI 48331, USA, 2011, 503 p. 

15. ASTM C 150-04, “Standard Specification for 
Portland Cement,” Annual Book of ASTM Standards, 
Vol. 04.01 Cement; Lime; Gypsum, West 
Conshohocken, PA, United States,  2004, 8 p.  

16. IQS No. 5/1984, “Portland Cement,” Central Agency 
for Standardization and Quality Control, Planning 
Council, Baghdad, IRAQ, (in Arabic).  

17. ASTM C 136-05, “Standard Test Method for Sieve 
Analysis of Fine and Coarse Aggregates,” Annual 
Book of ASTM Standards, Vol. 04.02 Concrete and 
Aggregates, West Conshohocken, PA, United States,  
2005, 5 p.  

18. ASTM C 33-03, “Standard Specification for Concrete 
Aggregates,” Annual Book of ASTM Standards, Vol. 
04.02 Concrete and Aggregates, West Conshohocken, 
PA, United States,  2003, 11 p. 

19. IQS No. 45/1984, “Aggregate from Natural Sources 
for Concrete,” Central Agency for Standardization 
and Quality Control, Planning Council, Baghdad, 
IRAQ, ( in Arabic). 

20. ASTM C 330-05, “Standard Specification for 
Lightweight Aggregates for Structural Concrete,” 
Annual Book of ASTM Standards, Vol. 04.02 
Concrete and Aggregates, West Conshohocken, PA, 
United States,  2006, 4 p.  

21. Pihlajavaara, S. E., "An Analysis of the factors 
Exerting effect on Strength and Other Properties of 
Concrete at Elevated Temperature," ACI Publication 
SP34, "Concrete for Nuclear Reactors," V.1, 1972, 
pp. 347-354. 

22. ASTM C 597-02, “Standard Test Method for Pulse 
Velocity Through Concrete,” Annual Book of ASTM 
Standards, Vol. 04.02 Concrete and Aggregates, West 
Conshohocken, PA, United States,  2003, 4 p. 

23. BS 1881 part 203:1986, Testing Concrete 
"Recommendations for measurement of velocity of 
ultrasonic pulses in concrete," British Standards 
Institute BSI, London, 2001, 25pp. 

24. ASTM C 805-02, “Standard Test Method for 
Rebound Number of Hardened Concrete,” Annual 
Book of ASTM Standards, Vol. 04.02 Concrete and 
Aggregates, West Conshohocken, PA, United States,  
2002, 3 p. 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

27



 
 
BS 1881 part 202:1986, Testing Concrete "Recommendations 
for surface hardness testing by rebound hammer," British 
Standards Institute BSI, London, 2001, 13p. 

New Approach Prediction of Compression Strength of Normal and Porcelanite Aggregate Lightweight Concrete by Non-Destructive Test

28



 

 
Abstract— A considerable amount of research work has been 

performed on normal and high strength concrete corbels. While, 
no researches in our hands on UHPC corbels has been performed.  

This paper confirms the effects of reinforcement ratio on 
UHPC Corbels through an experimental program presented in 
this paper. The response variables were failure mode, 
deformation behavior, strain variations in the main 
reinforcement, concrete surface stresses and the shear capacity. 
The test results indicate that the increase of the main 
reinforcement ratio does not affect the type of failure of the 
UHPC corbels and the failure for high or low reinforcement ratio 
was flexural type failure. 

 

I. INTRODUCTION 
 ltra High Performance Concrete (UHPC) is a relatively 
new type of fiber-reinforced concrete material having a 

very high dense matrix. The matrix has brittle behavior, so 
steel fibers are added to increase the ductility. UHPC has a 
compressive strength ranging between six to ten times that of 
normal strength concrete (NSC), and the tensile strength is 
approximately three times of normal strength concrete. This 
interesting mechanical advantage of UHPC leads to use this 
material in non-flexural members such as corbels. 
Corbels are considered to act as short cantilever deep beams 
under combined bending and shear. Main tension bars and 
stirrups are provided in corbels for this type of actions. The 
idea of reducing the amount of stirrups or main tension bars in 
corbel members has practical possibilities by using the new 
market material called UHPC.  

II. EXPERIMENTAL PROGRAM 
The main objective of the experimental program was to study 
the effect of tension reinforcement ratio on the behavior of 
UHPC corbels subjected to vertical loads only.   
In the experimental work, two corbels (C2-Ref and C1-ρ1.2) 
were conducted to study the main objective of this study.  The 
tests were carried out in the Structural and Materials 
Laboratories - Institute of Structural Engineering at the 
University of Kassel. Characteristics of the tested corbels are 
summarized in Table 1. 
 
 
 
 
 

 
In Table 1, C1-ρ1.2 and C2-Ref represent the name of the 
corbels, fc represents the compressive strength of concrete, ftm 
represents the matrix concrete strength, fte means fiber 
efficiency of tensile strength, a/d means shear span to depth 
ratio, dbar is the diameter of tension reinforcement bar, ρ is the  
reinforcement ratio, fy is the yield stress of tension 
reinforcement. 
 
           III    Specimen Geometry and Reinforcement 
The dimensions of the corbel are shown in Figure 1. The 
column supporting two corbels cantilevering on either side was 
150 by 150 mm in cross section and 500 mm long. Corbels 
had a cantilever projection length of 300 mm with thickness 
varied from 125 to 250 mm at the face of the column and at 
the free end respectively. The shear span to depth ratio (a/d) is 
0.5. The C2-Ref corbel reinforced with 2-Ф10 (ρ=0.47%) and 
C1-ρ1.2 corbel reinforced with 5-Ф10 (ρ=1.2%). For the two 
corbels, the columns supporting were reinforced with 4-
Ф12mm bars with 4-Ф6mm stirrups. The overall dimensions 
of the specimens and the arrangement of the reinforcement are 
given in Figure 1. 
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                                     IV  Steel Fibers 
Figure 2 shows the steel fiber type that was used for 
constructing the C2-Ref and C1- ρ1.2 corbels. The fibers have 
a length of 20 mm and diameter of 0.25 mm. 
 

                               V  Mix Proportion 
The M3Q mix proportion produced by Material Engineering 
Institute – University of Kassel/Germany was used for UHPC 
corbels, Table 2 summarizes the compositions of M3Q mix 
design used for C2-Ref and C1-ρ1.2 UHPC corbels. 

 
                               VI  Mixing Procedure 

The mix procedure for UHPC was made according to Table 3. 
 

 
                           VII  Concrete Properties 

For each UHPC corbel, standard cylinder 100 mm in diameter 
and 200 mm long was used to determine the compressive 
strength (fc) and the modulus of elasticity (Ec). The direct 
tensile test for notch (5mm) prisms 160 x 40 x 40 mm, used to 
determine the tensile stress (ftm), fiber efficiency of tensile 
strength (fte), and the softening law for tensile test.  
At least three tests in compression and nine tests in tension for 

each corbel specimen was conducted in order to obtain the 
mean value of these material properties, Table 1. 
 

                     VIII   Mold and Supporting Frame 
Molds used for casting the corbel specimens consisted of 
smooth 20 mm thickness plywood. Plywood was also used for 
constructing the formwork of the square column, Figure 4. 
The supporting frame consists of two steel channels (300 x 
400 x 1200 mm) with two steel plates (100 x 150 x 20 mm) for 
free rotation of the specimen during the test. The actual shape 
and details of the supporting frame are shown in Figure 3. 

 
                                IX   Test Setup  

The tests were carried out using hydraulic jacks of 6,300 kN at 
the laboratory of Structural Engineering Institute at Kassel 
University. The specimens were tested in inverted position. 
The two cantilever parts of the corbels were supported by two 
steel channels, and the load was applied at the top of the 
column as shown in Figure 4.  
The load was transferred from the corbel to the support using 
two 100 x 150 x 20 mm steel plates. One plate was placed 
under the corbel and the other was placed at the top of 
supporting steel channel. Polish material was used between the 
two plates to minimize the friction as much as possible and to 
allow easy rotation of the specimens.  
The top surface of the central column for corbels has been 
filled with Euro Grout material one day before testing to make 
the column’s surface flat and to avoid non uniform stress 
distribution. 
Two cameras placed against the front and back faces of the 
specimen were used for both tests to monitor the development 
of crack pattern. The camera took one photo every 10 seconds. 
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                             X  Measurements 

The applied load was measured using an accurately calibrated 
load cell. The upward vertical displacement of the corbels was 
measured at points A and H. The strains along compression 
strut were measured in eight points, four points at each side (C, 
B, F, G at front side and M, L, P, Q at back side). The flexural 
tension cracks at the junction between the corbel and the 
column were measured at four points, two points at each side 
(D, B at front side and N, O at back side). The shear capacity, 
deflections, and the crack pattern at both side of the corbels 
were recorded, Figure 5. 
 

 
                             XI   Curing process 

The setting of UHPC was relatively delayed compared with 
conventional concrete; therefore the specimens were removed 
from the mold after 48 hours. Then, the corbels were placed in 
closed chamber for steam curing under 90o temperature for 48 
hours. After that, the specimens were laid in the laboratory 
temperature until the date of testing. 
 

                          XII   Testing Procedure 
Before testing, the supports, applied load and LVTDs were 

adjusted and checked, Figure 6. The vertical load was applied 
to the column by displacement control of 0.01mm/sec.  
In both tests, loading was continued beyond the peak load to 
obtain the descending part of the load-deflection curve. 
Cylinder compressive tests and prisms tension tests were 
carried out on the same day as the corresponding corbel test. 
After failure pattern, the load was removed to allow taking 
more photographs. The time spent for testing one specimen 
was about 35 to 45 minutes. 
 

 
                              XIII   Test Results 

Table 4 lists test results and modes of failure for both corbels. 
The load at early cracking of each tested corbel and maximum 
shear capacity characteristics were recorded and tabulated. A 
camera was used to observe the crack path at each load step 
and the type of failure. The load at which the main tension 
reinforcement yielded is also listed in Table 4.  

 
                     XIV   Discussion of Test Results  

A. General Behavior and Cracking patterns 
For the tested corbels, the first cracks were flexural type cracks 
started at or near the junction of the tension face of the corbel 
and the face of the column. The results in Table 4 appear to 
show that the increase of reinforcement ratio from 0.47% of 
C2-Ref corbel to 1.2% of C1-ρ1.2 corbels resulted in an 
increase in the early crack load.  
Many researches stated that the types of failure of corbel tested 
are flexural, shear and diagonal splitting. The failure mode of 
each corbel tested is listed in Table 4, in which the type of 
failure in both high and low reinforcement ratio was flexural 
failure as can be seen in Figure 7 and 8. However, in C1-ϱ1.2 
corbel with further loading and near the maximum load, 
secondary cracks in compression strut appeared and the corbel 
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tend to have  shear failure but finally the failure stay as 
flexural, as can be seen in Figure 9.  
Some observations regarding the cracking were noted. For 
example, flexural cracks at the corbel-column interface in 
tension area or at the area between inside face of steel plate to 
the junction of the corbel and the column were usually the first 
to form and occurred at approximately 17% to 31% of the 
ultimate load. Then, by displacement increments, the cracks 
move to the junction between the slopping face of the corbel 
and the column. The depth of flexural cracks had penetrated 
into the specimens at maximum load varied between 50% and 
90% of the total depth of the C1-ρ1.2 and C2-Ref corbel 
respectively. 
 

 
 
 
 
 
 
 
 
 
 

 
B.  Strain Variation in Main Steel 

The LVDTs in reentrant corner at both sides of tested corbel 
was used to measure the strain in main reinforcement. Strain 
measurements for the tension bars indicated that the yielding 
occurs before the maximum load were reached for both C2-
Ref and C1-ρ1.2 corbels. The yielding of tension 
reinforcement occurs at 62% and 53% of the maximum 
capacity of C2-Ref and C1-ρ1.2 corbels respectively. This 
indicates that both corbels show clearly flexural failure as a 
mode of failure.  
According to Figure 10, the strain in main steel bars 
approximately had three stages. The first stage represents the 
increase of the strain in bars with load increasing till the first 
crack appears. In second stage, the strain increased rapidly till 
yielding occurs. This stage continues till the load reaching 
84% and 78% of the maximum load for C2-Ref and C1-ρ1.2 
respectively. In the third stage, the load-strain curve is 
relatively horizontal. 
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C.   Load-Deflection Curve 
Load-versus deflection for both C2-Ref and C1-ϱ1.2 corbels 
which failed in flexural are sketched in Figure 11. In which, 
corbels show linear behavior till 70% to 85% of the maximum 
load, and then suddenly ductile behavior of a lot of 
deformations was occurs due to mechanical characteristics of 
UHPC material. 

D.   Shear Capacity 
The shear strength data of the tested corbels is presented in 
Table 5. The C2-Ref and C1-ρ1.2 corbels had shear strength of 
322.5 kN and 642 kN respectively. The table indicates that the 
increased in tension reinforcement ratio from 0.47% to 1.2% 
increases the capacity by 99%. 

XV   CONCLUSION 
• Test results indicate that the increase of the main

reinforcement ratio does not affect the type of failure of the 
UHPC corbels and the failure for high or low reinforcement 
ratio was flexural type failure. 

• As in normal strength concrete corbel, the increase in
reinforcement ratio resulted in an increase in early crack load. 

• The first flexural crack at the corbel-column interface in
tension area occurred at approximately 17% to 31% of the 
ultimate load. And, the flexural cracks penetrate through the 
depth of corbel at maximum load varied between 50% to 90% 
of the total depth. 

• For the corbels failed under flexure, the tension
reinforcement yielded before reach the maximum load. 

• During loading, the strain in main steel bars
approximately had three stages. The first stage represents the 
increase the strain in bars with load increasing till the first 
crack appears. In second stage, the strain increased rapidly till 
yielding occurs. This stage continues till the load reaches 84% 
and 78% of the maximum load for C2-Ref and C1-ρ1.2 corbels 
respectively. In the third stage, the load-strain curve is 
relatively horizontal. 
• After the maximum load, UHPC corbels show a lot of
deformation due to ductile behavior of UHPC. 
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Abstract— Shear failure is the most probable mode of failure for 
reinforced concrete deep beams. This failure is mainly controlled 
by the compressive strength of the struts in the strut and tie shear 
strength prediction model.  The strength of the strut is controlled 
by many parameters among which is the efficiency factor of the 
concrete compressive strength. Different values of this factor are 
recommended by researchers and international codes of practice 
for conventional concrete. For fibrous concrete, this factor is 
influenced by the presence of steel fibres.       
In this study, an efficiency factor for concrete in struts of fibre 
reinforced concrete deep beams is derived from the test results of 
68 fibre reinforced concrete deep beams.  It is shown that this 
factor depends on the fibres reinforcing index, the web 
reinforcement ratio and the shear span – to - effective depth ratio. 
The predicted shear strength using this efficiency factor gave 
closer match to the experimental results with higher accuracy  
than the methods proposed by Narayanan  and  Darwish  or the  
strut  and tie  models proposed by  some codes of practice.  
 
Index Terms— Deep beams, efficiency factor, fibres, strut, tie. 

I. INTRODUCTION 
eep beams are used as transfer girders in high rise 
buildings,  pile caps, foundation walls, and water tanks 
where the walls act as vertical beams spanning between 

column  supports. Depending on the materials properties, 
geometrical and the loading conditions, failure of deep beams 
can be either, flexural, diagonal splitting, diagonal  
compression, anchorage or bearing failure near the reactions or 
the loading points. The small span – to - depth ratio causes 
nonlinearity in the elastic flexural stress distribution over such 
deep beams and their strength is usually controlled by shear, 
rather than flexure. 
  Vast number of experimental studies [1]-[4] was carried out 
to study the factors influencing the strength and behavior of 
reinforced concrete deep beams. It has been found that the 
factors affecting the strength and behavior of reinforced 
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concrete deep beams are; the shear span (av) - to - effective 
depth (d) ratio, main and web reinforcement and materials 
strength. An equation to  predict the strength of reinforced 
concrete deep beams with or without web reinforcement was 
also suggested by Kong et al. [4]. 
  Steel fibres increase, tensile, shear and impact strength and to 
some extent the compressive strength, providing a well-
defined post cracking behavior, increase the strain capacity 
and thus impart ductility to plain concrete [5]. Since shear 
failure is initiated by diagonal tensile stresses, the presence of 
steel fibres will retard shear cracks initiation and thus increase 
the cracking shear stress and the overall shear strength of 
reinforced concrete shear critical members like deep beams.   
  The Equation proposed by Kong et al. [4] was modified by 
Narayanan and Darwish [6] for predicting the shear strength of 
fibre reinforced concrete (FRC) deep beams. The shear 
strength assumed to be controlled by the splitting strength of 
fibre concrete, shear span, beam  width and depth, main and 
web reinforcements areas and the type of reinforcing bars 
(plain or deformed).  
  The ACI Code [7]  described the strut and tie model for 
predicting the shear strength of a structural  member, where a 
discontinuity (D) region, idealized as struts and ties connected 
at nodes. 
 The nominal compressive strength Fns of a strut without 
longitudinal reinforcement,  shall be taken as:  
 

cscens AfF .=                                                                       (1) 
 

Acs = cross sectional area at one end of the strut, and fce = 
effective compressive strength of the concrete in the strut as 
given in Equation 2 below; or in the nodal zone. The effective 
compressive strength of concrete, fce ,  in a strut shall be taken 
as:  

'85.0 csce ff β=                                                                     (2) 
 
Where fc'  is the cylinder strength of concrete. ßs is efficiency 
factor for concrete = 1.0 for struts of uniform cross-section, 
0.75 for bottle-shaped struts with reinforcement 
∑Asi.sinα i/(bs.si) not less than 0.003 crossing the tie, 0.6λ  for 
bottle-shaped struts without reinforcement crossing the strut, 
0.4 for struts in tension members, or the tension flanges of 
members and 0.6λ  for all other cases.  λ is a factor 
representing the type of concrete = 1.0 for normal weight 
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concrete,  0.85 for sand light weight concrete and 0.75 for all 
light weight concrete. Asi = area of surface reinforcement at 
spacing si  in the i-th layer of reinforcement crossing the strut 
at an angle α i  to the axis of the strut.  
 
  In the AASHTO [8]  recommendations, the effective 
compressive strength fce of the concrete in the strut is as given 
in Equation 3 below: 

                                                                                        
'

1
' 85.0)1708.0/( ccce fff ≤+= e                               (3)                                                                                                                                                                                                          

                                        
ɛ1= principal tensile strain in the strut and can be calculated 
using the following equation: 
 

θeee 2
1 cot)002.0( ++= ss                                                (4)  

                                                                                                                                                                
ɛs = tensile strain in the tie and θ  = angle of inclination of the 
strut with the tie. 
 
  In the CEB-FIB model code [9], the reduced compressive 
strength of concrete in struts fcdeff   equal to: 
 

ccdccdeff fkf γ/=                                                                (5) 

       fcd  = uniaxial compressive design strength = α.fck/γc, α = 
coefficient taking into account the uniaxial strength relative to 
the strength control of specimen and duration of loading = 
0.85, fck =  characteristic compressive strength, γc partial 
safety factor = 1.5 and kc is a reduction factor, for undisturbed  
uniaxial compression stress state and for regions with 
transverse compression kc  equal to:  

0.1)/30(0.1 3/1 ≤= ckc fk                                                      (6) 

                                                                                                                                                                                  For struts and compression bands with cracks parallel to the 
direction of compression and tension reinforcement 
perpendicular to this, kc equal to:   
 

8.0)/30(75.0 3/1 ≤= ckc fk                                                  (7)                                              
   
  For compression bands with reinforcement oblique to the 
direction of compression,  kc equal to: 
 
 55.0)/30(55.0 3/1 ≤= ckc fk                                 (8)  
 
 In all the recommendations reported above [7]-[9], the 
nominal strength of the  tie, Fnt , shall be taken as: 
 

ytsnt fAF .=                                                                         (9) 
Ats = reinforcement area of the tie and  fy = yield strength of 
reinforcement. In the CEB-FIP [9], the strength of the tension 
steel fyd  assumed equal to fyk/γs = characteristic strength of 
steel and γs is a partial safety factor = 1.15. 

  AlTaan and Nathim [10]  analyzed 68 previously tested FRC 
concrete deep beams [6], [11]-[17] using the equation 
proposed by Narayanan and Darwish [6] and the three codes 
recommendations [7]-[9] mentioned above. Table (1) shows 
the geometrical and materials properties of the previously 
tested beams.   
 

TABLE I  
DETAILS OF THE FIBRE REINFORCED CONCRETE  

DEEP BEAMS [10],[18] 
Reference 

No. 
No. of 
beams 

av/d Web steel fc
'             

(MPa) 
Vf                  

(%) Avh Av 

11 6* 0.55-2.69 -------- 20-22 1.0 
6 11** 0.46-0.92 -------- 35.65-

54.9 
0.25-
1.25 

12 9** 0.36-1.77 Avh Av 29.5-
35.7 

0.5-
1.5 

13 6** 0.75-1.25 -------- 26.8-
28.1 

1.0-
1.25 

 
14 

 

4** 

0.29-0.63 
Avh --- 18.2 

 
1.0 

 4** Avh Av 
4** -------- 

15 4** 0.6-0.7 -------- 39.2-
42.2 

0.5-
1.0 

16 12** 1.49-1.91 -------- 38.3-
39.4 

0.35-
1.05 

17 
 

4** 0.55-1.2 --- Av 27.8 1.0 
4* 1.1-2.4 -------- 27.8 1.0 

*Centre point loading,  ** two points loading 
 
  The collected data[18] cover a wide range of geometrical and 
materials properties like the shear span – to - effective depth, 
concrete strength and fibres volume fraction that affect the 
shear strength. The collected test results data include beams 
with tension steel only, beams with tension and horizontal web 
steel, beams with tension and vertical web steel and beams 
with tension, horizontal and vertical web steel. 
 
  The results of the analysis (see Table (2)) shows that the 
procedure proposed by Narayanan and Darwish [6] 
overestimate the shear strength due to the assumption of 
diagonal tension failure,, or underestimate it due to  the 
absence of the influence of the steel fibres like the methods 
recommended in the three codes [7]-[9]. 
 

TABLE II 
SUMMARY OF THE ANALYSIS OF THE SHEAR STRENGTH OF THE 

INVESTIGATED DEEP BEAMS [10],[18] 
Method Narayanan 

and 
Darwish 

[6] 

ACI 318-
14[7] 

AASHTO 
LRFD [8] 

FIB [9] 

Pre./Mea
. 

1.14 0.679 0.544 0.577 

SD 0.295 0.209 0.207 0.192 
COV% 25.8 30.8 38.1 33.3 
Min. 0.65 0.28 0.15 0.24 
Max. 2.08 1.5 1.13 1.05 

Skewness 0.99 0.36 0.45 0.53 
 

  The aim of this study is to derive an efficiency factor for the 
compressive strength of fibrous concrete for struts located in 
fibre reinforced concrete deep beams with or without web 
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reinforcement. This factor can be used for the analysis and 
design of FRC deep beams.    
 

PROPOSED METHOD 
 
 The proposed method can be summarized by the following 
steps [18]: 
 
1-  Calculate the actual force carried by the strut (Fs,exp.)  

from the measured shear force carried by the beam 
Fs,exp.=Vu,exp./sinθ,  Vu,exp   = measured shear force 
and θ = angle of inclination of the strut with the tie.  

2-  For beams without web reinforcement, the efficiency 
factor (βs,exp.) can be   found from the following 
equation: 

 

    ).../( '
.exp,.exp, bwfF scffss γβ =                       (10) 

 
  Where γ f  = ratio of the average stress to the cylinder strength 
of fibrous concrete fcf

'

 as proposed   by Abdul-Ahad and 
Qarani [19]  and equal to: 

 

    ffff DLV /.02.085.0 +=γ                            (11) 
 

Vf , Lf and Df  are the volume fraction, length and diameter 
of the steel  fibres respectively,  and ws = strut width at the 
support and is equal to: 
 

     
θθ cos.sin. tps wLw +=                                               (12) 

 
     Lp = length of the bearing plate at the support and wt = 

width of the tie = 2(h-d). At the loading     point, the width 
of the tie in Equation (12) above  is substituted by af the 
depth of  the equivalent fibrous concrete stress block in the 
compression zone and is equal to:  

  

      
)/./()./.( 1

'
1 ftucfftuysf fhbfAa βsβs ++=         (13) 

 
  Where β1f = ratio of the depth of the equivalent fibrous 
concrete stress block to the depth of the neutral axis and can 
be calculated using the formula derived by Abdul-Ahad and 
Qarani [19], for '

cff
 
≤ 27.6 MPa : 

 

 ffff DLV /.03.085.01 +=β                                           (14) 
                                    
For '

cff  > 27.6 MPa, β1f   equal to: 

      
 

89.6/)6.27)(/.05.01(

05.0/.03.085.0
'

1

−−

−+=

cffff

ffff

fDLV

DLVβ
     ≥ 0.65             (15) 

   

σ tu  post cracking tensile strength of steel fibrous concrete and 
is equal to, Hannant [20]: 

   
fffuotu DLV /...tηs =                                                     (16) 

    
   Where ɳo = orientation factor of the fibres and can be taken 
as 0.5, Hannant [20], τu=  interfacial  bond strength between 
the steel fibres and the matrix [21] and is equal to: 
 

'
cfsu fk=t                                                                       (17) 

 ks  = shape factor for steel fibres = 0.4 for smooth fibres and 
0.8 for hooked or crimped  fibres. 
 
   For deep beams without web reinforcement, the efficiency 
factor  βs,exp.    assumed to be the product of two factors [18];  
βc.β f   the first one βc is that for normal concrete and the 
second one β f  representing the effect of the used steel fibres. 
The expression proposed by Braestrup et al. [22] for normal 
concrete is used in this investigation: 

 

)250/1(6.0 '
cfc f−=β                                                        (18) 

 
  The factor representing the effect of steel fibres β f can be 
assumed equal to  β f = βs,exp. /βc 

 
. This factor was calculated 

for  47 FRC deep beams without web reinforcement, whose 
details are shown in Table (1). A nonlinear regression analysis 
is conducted between this factor as a dependent variable and 
the fibre reinforcing index F as the independent variable: 

 
ffff DLVdF /.=                                                            (19) 

 
Where df  is a shape factor  equal to 0.5 for plain smooth 
fibres, 0.75 for hooked fibres and 1.0 for crimped fibres [6] . 
The following equation was obtained from the regression 
analysis: 
 

)904.01( 104.0Ff +=β                                                      (20) 
 
The coefficient of determination (R2) for this relationship is 
0.945 and the correlation coefficient (R) = 0.972. For the 
beams without web reinforcement shown in  Table (1) above, 
the β f factor shown in Equation (20) above ranged between 
1.64 to 1.93 compared to 1.57 to 2.01 respectively found 
experimentally. This means that the efficiency factor shown in 
Equation (18) for plain concrete is magnified by about 64 to 
93 % due to the presence of steel fibres.  
Twenty one FRC deep beams with web reinforcement whose 
details are shown in Table (1) are investigated.  The 
contribution of the web steel to the strength of the strut is 
deducted from the total strength of the strut, and the efficiency 
factor can be calculated using the following equation: 
 

).../()cot.( '
.exp,.exp, bwfFF scffwss γθβ −=                   (21) 
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Fw = forces perpendicular to the axis of the strut carried by the 
web reinforcement and is equal to: 
 

2
2

2

1
2

sin)/.(

sin)/.(

α

α

sfAL

sfALF

yhvhs

yvvsw +=
                                           (22) 

 
Ls= length of the axis of the strut and is equal to Z/sinθ, Z = 
lever arm between the centre of the compression and tensile 
forces Z=h-wt/2-ws/2,  Av  and Avh area of the vertical and 
horizontal stirrups respectively, s and s2 = spacing of the 
vertical and horizontal stirrups respectively, fyv and  fyh 

= yield 
strength of the  vertical and horizontal stirrups respectively, α1     and α2 angle of inclination of the vertical and horizontal 
stirrups with the axis of the strut respectively.    
  For deep beams with web reinforcement, the efficiency factor 
βs,exp. assumed to be the product of two factors; βs,exp.=βc.β fw  
the first one βc is that for normal concrete and the second one 
βfw representing the effects of the used steel fibres, the web 
reinforcement ratio and the shear span to the effective depth 
ratio. This factor can be found as βfw=βs,exp./βc. A nonlinear 
regression analysis is conducted between βfw as a dependent 
variable and the fibre reinforcing index F,  web reinforcement 
ratio and the shear span / effective depth ratio as the 
independent variables, the following equation was obtained: 

 

  168.0

168.0021.0

)]/[(

)]./([525.0
−

−=

da

sbAF

v

isifwβ
                             (23) 

 
The above equation show that the efficiency factor decreases 
as the web reinforcement and the shear span to the effective 
depth ratios increases. The coefficient of determination (R2) 
for this relationship is 0.98 and the correlation coefficient (R) 
= 0.99. 
 

STEPS OF ANALYSIS 
 
1- Calculate the depth of the tie and the depth of the   

fibrous concrete stress block af .                   
2- Calculate the width of the strut at the support and at   

the loading points. 
3- Calculate the strut strength using the following  

Equation: 
 

     bwfF fcscffs ..... ' ββγ=                                              (24) 
 

4- Calculate the angle of inclination of the strut with the  
tie from the following Equation:   

 
       )/(tan 1

vaZ−=θ                                                         (25) 
 

       θsin.su FV =                                                               (26) 
 

   
If the beam has web reinforcement, the strength of the strut   

 becomes: 
 

      
bwfF fwcscffs ..... ' ββγ=                                            (27) 

 

     
The force perpendicular to the axis of the strut contributed 

by the web steel Fw can be  calculated from Equation (22) and 
the shear strength Vu from the following Equation: 
 

      θθ cos.sin. wsu FFV +=                                              (28) 
 
5- Calculate the strength of the tie Ft  from the     

following equation: 
 
     ttuyst wbfAF ... s+=                                                    (29) 
 

    θtan.tu FV =                                                                  (30) 
 
6. The shear strength Vu is the smaller value calculated    

from steps (4 or 5). 
7. If failure will be initiated in the tie, the cracks will  

propagate to the neutral axis and the strength of the 
tie will be recalculated using equation (31) below, 
and the shear strength using equation (30) above: 
 

).(.. chbfAF tuyst −+= s                                           (31) 
If the shear strength Vu calculated from step (4) is less than 
that calculated in step (5),   failure will start with in strut. 
Otherwise failure will start in the tie.  

8. Check the bearing stress at the support and at the loading    
  point, whichever is greater: 

 
)./( bLV pub =s                                                          (32) 

   If σb  is less than the bearing capacity of the fibrous concrete 
σbf, bearing failure will not occur, otherwise, bearing failure 
will occur and the shear strength Vu= σbf.Lp.b. The equation 
proposed by Braestrup et al. [22] for the bearing capacity of 
plain concrete, is used in this investigation for fibrous concrete 
by substituting the tensile f tf

' and compressive strength of 
fibrous concrete fcf

' for those of plain concrete in the original 
expression: 

 
''' ]/))12/((48.21[ cfcftfpbf fffLh −+=s                         (33) 

 
The above procedure was applied to the 68 FRC deep beams 
whose details are shown in Table (1).  
Fig. 1 shows the predicted versus the measured shear strength. 
Fig. 2 shows the frequency diagram of the ratios of the 
predicted to the measured shear strengths, where the 
distribution of various results is close to the normal 
distribution, a standard deviation of  0.146,  coefficient of 
variation = 0.153 and a skewness = 0.09, which is nearly zero 
and indicate a nearly normal distribution with an average = 
0.956 ≈1.0. 
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The average ratio of the predicted to the measured shear 
strength = 0.956, standard deviation = 

CONCLUSIONS 

An efficiency factor for concrete in struts of fibre reinforced 
concrete deep beams is proposed and examined. The statistical 
analysis showed that the steel fibres increase the efficiency 
factor. The  efficiency factors derived for fibrous concrete in 
compression led to a reliable prediction of the shear strength 
of fibre reinforced concrete deep beams with or without web 
reinforcement. More experimental data are required to refine 
the proposed efficiency factor.    

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 

REFERENCES 
 
[1] F. K. Kong, P. J. Robins and D. F. Cole, "Web Reinforcement Effects on 
Deep Beams,"  ACI Journal, 2007, 67, No. 12, 1010-1018. 
[2] F. K. Kong and A. Singh, "Diagonal Cracking and Ultimate Loads of the 
Lightweight Concrete deep Beams,"  ACI Journal, 1972, 69, No. 8, 513-521. 
[3] F. K. Kong and A. Singh, "Shear Strength of Light Weight Concrete Deep 
Beams Subjected to Repeated Loads," Shear in Reinforced Concrete, ACI 
Special Publications, 1974, 42, 461-476. 
[4] F. K. Kong, P. J. Robins and G. R. Sharp, "The Design Of Reinforced 
Concrete Deep Beams in Current Practice," The Structural Engineer, 1975, 
53, No.4, 173-180. 
[5] ACI  committee 544.1R-96(Reapproved 2002), " State- of-the-art Report 
on Fiber Reinforced Concrete,"  American Concrete Institute, 2002. 
[6] R. Narayanan and I. Y. S. Darwish,  Fiber concrete deep beams in shear. 
ACI Structural Journal, 1988, 85, No. 2, 141-149. 
[7] ACI Committee (318-14), " Building code requirements for structural 
concrete,"  American Concrete  Institute, Farmington Hills, MI, 2014. 
[8] Martin, B. T. and Sanders," Verification and implementation of strut-and-
tie model in LRFD Bridge design specifications,"  American Association of 
State Highway and Transportation Officials (AASHTO), Washington, 2007. 
[9] CEB-FIP. FIP Model Code 2010, " First complete draft – Volume 2, Strut 
and Tie Model for the Analysis of Fibre Reinforced Concrete Deep Beams," 
2010. 
[10] S. A.  AlTaan, and A. F. Nathim, "Analysis of Fibre Reinforced Concrete 
Deep Beams Using the Strut and Tie Model,"  Proceedings of the 11th Inter. 
Congress on Advances in Civil Engineering, Technical University of Stanbul, 
2014, Istanbul, Turkey.  
[11] N. E. Shanmugam and S. Swaddiwudhipong,  "Ultimate load behavior of 
fibre reinforced concrete deep beams,"  Indian Concrete Journal, 1984, 58, 
No. 8, 207-211.     
[12] M. A. Mansur and K. C. G. Ong, "Behavior of reinforced fiber concrete 
deep beams in shear,"  ACI  Structural Journal, 1991, 88, No. 1, 98-105. 
[13]  S. K. Madan, G. R. Kumar  and S. P. Singh, "Steel fibres as  
replacement of web reinforcement for RCC deep beams in shear,"  Asian 
Journal of Civil Engineering (building and housing), 2007, 8, No. 5, 479-489. 

Average = 0.956 
SD = 0.146 

COV = 0.153 
Skewness =0.09 

0.60                0.80                  1.00                 1.20 
Ratio predicted / measured shear strength 

Fig. 2   Histogram of the ratios predicted to measured shear strength 

Fr
eq

ue
nc

y 

8 
 

4 
 

6 
 

2 
 

0 
 

10 
 

Fig. 1 Predicted versus measured shear strength 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

39



 

[14] A. Parghi, C. D. Modhera and D. L. Shah, "Micro mechanical crack and 
deformations study of SFRC deep beams," Proceedings of the 33rd 
Conference on our world in concrete and structures, Singapore, 2008, 9 pp. 
[15] S. AlSarraf, I.A.S. AlShaarbaf, and A. S. Diab, " Effect of steel fibres on 
the behavior of deep beams with and without web opening,"  Engineering and 
Technology Journal, 2011, 29, No. 1, 1-19. 
[16] S. A. AlTaan, and Z. S. AlNeimi, " Shear strength of  steel fibres self - 
compacting reinforced concrete  beams,"  Proceedings of Eighth  
International Conference  on Concrete  in the Low Carbon Era, 2012, Dundee, 
1289- 1303. 
[17] V. R. Patel, " A comprehensive Study on shear strain, crack patterns and 
crack width profile for moderate deep beams with fibres,"  Ph. D. thesis, 
University of Baroda, India, 2012. 
[18] A. F. Nathim, " Study and Comparison of the Different Methods for the  
Analysis of Fiber Reinforced Concrete Deep Beams Using the Strut and Tie 
Model,"  M.Sc. Thesis, Mosul University, Iraq, 2014. 
[19] R. B. Abdul-Ahad and  O. Q. Aziz, " Flexural Strength of Reinforced 
Concrete T- Beams with Steel Fibres," Cement and Concrete Composites, 
1999, 21, No.4, 263-268.  
[20] D. J. Hannant, " Fibre Cement and Fibre Concrete,"  John  Wiley and 
Sons Ltd., N. Y., 1978. 
[21]Y. M. Yun, and C. G. Cho," Prediction of behavior and strength of 
reinforced concrete beams using nonlinear strut-tie model approach," 
Advanced concrete technology, 2005, 3, No. 2, 309-319. 
[22] M. W. Braestrup,,M. W. Nielsen, B. C. Jensen, and F. Bach,  
"Axisymmetric  Punching  of  Plain  and Reinforced  Concrete," Report No. 
75, Structural Research Laboratory,  Technical  University  of  Denmark, 
1976, 33 p. 
 

 
 

NOTATION 
af depth of the fibrous concrete stress block  

av shear span 

Acs cross-sectional area of the strut 

Asi reinforcement area  

Ats reinforcement area of tie  

Av area of vertical shear bars 

Avh  area of horizontal shear bars 

B beam width 

Df fibre diameter 
fc

' concrete compressive strength 
fcd 
 

uniaxial compressive strength  
 fcdeff reduced compressive strength 

fce effective concrete strength 
fcf

' fibre concrete compressive strength 
fck characteristics compressive strength   
fyk characteristics strength of steel 
fy yield strength of steel 
Fns nominal strength of strut  
Fnt nominal strength of tie 
Fs,exp experimental strut strength 
kc reduction factor 
Lf fibre length 
si spacing of vertical bars (ith layer)  
s2 spacing of horizontal bars 

ws strut width 
wt tie width 
Vf fibres volume fraction  
Vu,exp
 

experimental shear force 
βs effectiveness factor for concrete  
βs,exp. 
 

experimental effectiveness factor  
 γc partial safety factor of concrete 

γ f average stress to the cylinder strength 
γs 
 

partial safety factor of steel 
 ε1 principal tensile strain 

εs tensile strain in the tie 
λ concrete type factor 
θ angle between the strut and tie 
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Abstract-This research is an attempt to provide more 
experimental test data for beams strengthened by 
externally bonded Carbon Fiber Reinforced Polymer 
(CFRP) and subjected to shear. 
          The experimental program consists of testing 
fourteen simply supported beams molded by using SCC 
with two point load. All beams have the same 
dimensions, flexural and shear reinforcements. In this 
study three parameters were considered: Shear span to 
effective depth ratio (a/d), the shape of CFRP sheets 
(slides, U-shape and wrapped around) and CFRP 
amount and distribution. For every type of using CFRP 
two beams tested with (a/d) ratio equal to (2.5 and 3) 
respectively. The adopted parameters were chosen due 
to their importance in determination of SCC beams 
behavior and to fill the lack in studying this type of 
beams especially those constructed using this type of 
concrete.  
INTRODUCTION 
          For several years, the problem of durability of 
concrete structures has been a major problem posed to 
engineers. The creation of durable concrete structures 
requires adequate compaction by vibrating. Over 
vibration can easily cause segregation. In 
conventional concrete, it is difficult to ensure uniform 
material quality and good density in heavily 
reinforced locations. If steel is not properly 
surrounded by concrete it leads to durability 
problems. One solution for the achievement of 
durable concrete structures is the employment of self-
compacting concrete (SCC) [1] ,which is an innovative 
concrete that does not require vibration for placing 
and compaction. It has ability to flow under its own 
weight, completely filling formwork and achieving 
full compaction, even in the presence of congested 
reinforcement [2]. 
Literature Summary 
           In all the cases, CFRP did not reach its 
ultimate tensile strength due to the bond to the 
concrete and stress concentrations. 
          Most previous researches studied the effect of 
CFRP on the shear resistance and the effective  

 
characters on SCC beam [3,4,5,6]. They found that shear 
resistance will increase in the beam with CFRP when 
the spacing between CFRP strips decreased specially 
the case of fully wrap beam which gave the higher 
shear resistance, but they do not mention an economy 
way to do it so that excess of material can be avoided. 
This leads the contractor (or the owner) to have 
economic and safe structure.    
EXPERIMENTAL WORK 
          Experimental program, consists of casting and 
testing fourteen simply supported beams (cast with 
SCC of f ʹc equal to 56.2 MPa) under two concentrated 
loads. Two control beams were cast (one for each 
group) while the other twelve beams have been 
designed and strengthened for shear and tested up to 
failure, to investigate the effect of several parameters 
on the shear behavior of SCC beams. In this study 
three parameters were considered: Shear span to 
effective depth ratio (a/d), the shape of CFRP sheets 
(slides, U-shape and wrapped around) and CFRP 
amount and distribution to resist the shear force in the 
reinforced SCC beams taking into account the 
structural safety and economy side in the study 
because the CFRP sheets have expensive price in 
local market. 
         All beams have the same dimensions, flexural 
and shear reinforcements. They have an overall length 
of 1500 mm, a width of 100 mm and a height of 200 
mm. All beams are longitudinally reinforced with 
four bars of 20 mm diameter at bottom. At the top 
face, two bars of 12 mm diameter have been 
provided. For vertical shear reinforcement, deformed 
bars of 5 mm diameter are used and provided at a 
spacing of 300 mm center to center. This amount of 
reinforcement results in steel ratio of 0.00109 which 
represents the minimum reinforcement ratio 
according to the ACI318-2011 [7] as shown in Figs. 
(1) to (5) and the production of SCC according to the 
European Guidelines for Self-Compacting Concrete 
(EFNARC) [8] limitation.  
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Fig.(1)Details of concentrated load and CFRP location for beams(A1, A2 &A3) 

 
 

Fig.(2)Details of concentrated load and CFRP location for beams(A4, A5 &A6) 

 
Fig.(3)Details of concentrated load and CFRP location for beams(B1, B2 &B3) 

 

 
Fig.(4)Details of concentrated load and CFRP location for beams(B4, B5 &B6) 

 
Fig. (5) Sections dimensions (mm) and details of reinforcement 

          The specimens were divided into two groups 
(A and B). Group A with (a/d) equal to 2.5 and group 
B with (a/d) equal to 3. Each beam designation 
consists of two notations: the first notation is a letter 
(A or B) which represents the type of group while the 
second notation is a number (0 ,1 ,2 ,3 ,4 ,5 and 6) 
which represents sequence of the beam in the group 

as detailed above. The following strengthening 
layouts by CFRP were applied:  
• Control beam (0) not strengthened by CFRP. 
• Beam 1was two slides of CFRP were put at the 

ends of the beam in the center of the mid distance 
between the support and the point of 
concentrated load having 200mm length, 60mm 
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width and 0.131 mm thickness installed on both 
side faces Figs. (1) and (3).  

• Beam 2 has U-shape sheet of CFRP were put at 
the same place of the beam 1. 

• Beam 3 has wrapped around sheet of CFRP were 
put at the same place of the beam 1.  

• Beam 4 has two groups of two slides of CFRP 
sheet were put at the mid distances between the 
support and the point of concentrated load as two 
groups having 200mm length, 60mm width and 

0.131 mm thickness installed on both side faces 
Figs. (2) and (4). 

• Beam 5 has two groups of U-shape sheet of 
CFRP were put at the same place of the beam 4. 

• Beam 6 has two groups of wrapped around sheet 
of CFRP were put at the same place of the beam 
4. 

EXPERIMENTAL RESULTS AND 
DISSCUSION 
          The Figs. (7 to 20) show photographic pictures 
for crack pattern of the beams after failure. 

 

 
Fig. (7) Photograph for crack pattern for beam A0 

 
Fig. (8) photographs for crack pattern for beam A1  Fig. (9) photographs for crack pattern for beam A2 

 
Fig. (10) Photograph for crack pattern for beam A3   Fig. (11) Photograph for crack pattern for beam A4 

 
Fig. (12) Photograph for crack pattern for beam A5        Fig. (13) Photograph for crack pattern for beam A6 
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Fig. (14) photographs for crack pattern for beam B0 

 
Fig. (15) Photograph for crack pattern for beam B1 

 
Fig. (16) Photograph for crack pattern for beam B2 Fig. (17) Photograph for crack pattern for beam B3 

 
Fig. (18) Photograph for crack pattern for beam B4 Fig. (19) Photograph for crack pattern for beam B5 

 
Fig. (20) Photograph for crack pattern for beam B6 

Effect of (a/d) Ratio on Cracking Load and 
Ultimate Load 
          From the detailed results shown in Table (1), it 
was noted that the increase in the (a/d) ratio from 
(2.5) to (3) leads to a reduction in cracking load and 
ultimate load for most cases. Increasing the (a/d) ratio 

increases the controlling tension stresses at failure 
due to increasing the bending moment at middle of 
shear span or due to increasing the load component 
perpendicular to the line joining load with support 
points.
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Table (1) Effect of the (a/d) ratio on cracking and ultimate loads 

 
 
 
 
 
 
 
 

 
 
 
 
 
 

 
*The comparison was taken according to the same type beam with different (a/d). 

Δ Pu=(Pu (Bi) –Pu(Ai))*100 / Pu (Ai)                where: i= 0, 1, 2, 3, …. 
Effect of Quantity of CFRP Strips on Cracking 
and Ultimate Loads 
          Effect of the parameter CFRP on cracking and 
ultimate loads and the ratio of them for SCC beams 
tested in this study are detailed in Table (2).This 
effect is studied for two cases of variation in the 
parameters (a/d)  and the shape of CFRP. The 
selected quantities (the quantity means single strip 
with length of 200 mm and width of 60 mm attached 
on the area of longitudinal face of the beam that was 
between the support and the point of concentrated 
load (the zone of shear resistance act)) of CFRP strips 
and double (equal to two single strips). In this study, 
the CFRP strips were not placed on the entire beam 
like normal stirrup, so, they can not be called it CFRP 

reinforcement ratio (ρ f) therefore it will be called 
quantity of CFRP strips (single and double). 
         Effect of increasing the quantity of CFRP strips 
values on cracking load seems to be unclear and 
random where it leads to a range varying, it is noted 
that the increase in quantity of CFRP strips leads to 
some improvement in the ultimate load for most 
cases. When increasing the quantity from single to 
double, the ultimate load increases by percentages 
ranging from 3.09 % to 40.47 % with average 
percentage of 15.13 % (for a/d=2.5) and -5.21 % to 
24.35 % with average percentage of 8.96 % (for 
a/d=3). Effect of quantity of CFRP strips is larger as 
the (a/d) ratio decreases where average percentage 
increase is about 6.17 % for beams with a/d = 2.5 
compared with beams with a/d = 3. 

Effect of the Strengthening Shape for CFRP Strips 
on Cracking and Ultimate Loads 
          Effect of the parameter strengthening shape for 
CFRP strips on cracking load and ultimate load and 
the ratio between them for all SCC beams tested in 
this study are detailed and presented in Table (3). The 
increasing in cracking load due to changing strength 
type for CFRP strips is (21.71%, 16.71% and 
20.66%) for (Slides shapes, U-shape and wrapped 
around) as typical average reduction for all cases. The 

increasing in the ultimate load due to changing 
strength shape for CFRP strips is (30.65%, 29.84% 
and 42.42%) for (Slides shapes, U-shape and wrapped 
around) as typical average reduction for all cases. 
          It is clear that the beams in group (B) gave 
higher results than beams in group (A) and the beam 
No. (B6) gave better result in (Pu/Pu0) than the other 
beams as shown in Fig. (21), but the weakest result in 
(Pu/Pu0) is for beam No. (A2).   
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a / d = 2.5 
(A Group) 

a / d = 3 
(B Group) 

% Variation due 
to increasing 

(a/d)* 
Pcr 
kN 

Pu 
kN 

Pcr     
Pu 

Pcr 
kN 

Pu 
kN 

Pcr 

 Pu 
ΔPu 
% 

 
C

on t 100 203 0.49 95 160 0.59 -21.18 

1 130 242 0.53 110 230 0.47 -5.15 
2 110 210 0.52 115 193 0.59 -8.09 
3 100 270 0.37 120 232 0.51 -14.07 
4 120 250 0.48 115 218 0.52 -12.8 
5 120 295 0.4 110 240 0.45 -18.64 
6 130 275 0.47 120 250 0.48 -9.09 
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Table (2) Effect of quantity of CFRP strips on cracking and ultimate loads 

*The comparison was taken according to the same parameter beam condition unless the quantity percent of 
CFRP strips. 
Δ Pcr=(Pcr (Ai+3) –Pcr(Ai))*100 / Pcr (Ai)             where: i=  1, 2, 3 
Δ Pu=(Pu (Bi+3) –Pu(Bi))*100 / Pu (Bi)                 where: i=  1, 2, 3 

Table (3) Effect of the Strength type for CFRP strips on cracking and ultimate loads 

 *The comparison was taken according to the control beam.   Δ Pcr=(Pcr (Ai) –Pcr(A0))*100 / Pcr (A0)                 
Δ Pu=(Pu (Bi) –Pu(B0))*100 / Pu (B0)                  where: i=  1, 2, 3, …. 
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For 

CFRP 

The single quantity of 
CFRP 

The double quantity of 
CFRP 

% Variation due 
to increasing   

the quantity of 
CFRP strips* 

Pcr 
kN 

Pu 
kN 

Pcr 
Pu 

Pcr 
kN 

Pu 
kN 

Pcr 
Pu 

∆Pcr 
% 

∆Pu 
% 

a/
d 

= 
2.

5 Slides 130 242.5 0.53 120 250 0.48 -7.69 3.09 
U-shape 110 210 0.52 120 295 0.40 9.09 40.47 
wrapped 
around 100 270 0.37 130 275 0.47 30.00 1.85 

a/
d 

= 
3 

Slides 110 230 0.47 115 218 0.52 4.54 -5.21 
U-shape 115 193 0.59 110 240 0.45 -4.54 24.35 
wrapped 
around 120 232 0.51 120 250 0.48 0.00 7.75 

Average Value 114.16 229.58 0.49 119.16 254.66 0.46 5.23 12.05 
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Strength type 
For CFRP 

The Results 
% Variation due to 

increasing the quantity 
of CFRP strips* 

Pcr 
kN 

Pu 
kN 

Pcr 
Pu 

∆Pcr 
% 

∆Pu 
% 

a/
d 

= 
2.

5 

0% Without 
CFRP 100 203 0.49 --- --- 

Single 
strip 

Slides 130 242.5 0.53 30 19.45 
U-shape 110 210 0.52 10 3.44 

Wrapped 
around 100 270 0.37 0 33 

Double 
strips 

Slides 120 250 0.48 20 23.15 
U-shape 120 295 0.4 20 45.32 
wrapped 
around 130 275 0.47 30 35.46 

a/
d 

= 
3 

0% Without 
C  

95 160 0.59 --- --- 

Single 
strip 

Slides 110 230 0.47 15.79 43.75 
U-shape 115 193 0.59 21.05 20.625 
wrapped 

 
120 232 0.51 26.32 45 

Double 
strips 

Slides 115 218 0.52 21.05 36.25 
U-shape 110 240 0.45 15.79 50 
wrapped 

 
120 250 0.48 26.32 56.25 
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Fig. (21) Effect of the strength type for CFRP strips on load – midspan deflection plot 

Effect of Strengthening Shape of CFRP Strips on 
Load-Midspan Deflection 
          Effect of changing the strengthening shape of 
CFRP strips on the load-deflection response of SCC 
beams is studied. Beams of group (A) are compared 
with those of group (B) each one with the same group 

that have equal quantity of CFRP strips for them. Fig. 
(6) shows the effect of the change in shape of CFRP 
strips on the load-midspan deflection response of 
beams for four different cases of other parameters 
variation

 
Fig. (6) The ratio of (Pu/Pu0) for group (A) and group (B) 

Conclusions 
1. All tested SCC beams failed in shear. The 

shear failure took place by diagonal splitting 
mode for most tested beams except beams 
(A5, A6 and B6) where the shear failure took 
place by shear compression mode. 

2. Its found that for all tested beams the 
increase in the shear span to effective depth 
ratio (a/d) from 2.5 to 3 reduces the cracking 
load by an average reduction of 2.28 % for 
all tested beams. The increase in the (a/d) 

ratio from 2.5 to 3 reduces the ultimate load 
with an average reduction of 12.71% for all 
tested beams.  

3. Values of cracking to ultimate load ratio 
(Pcr/Pu) range from 0.37 to 0.59 for all 
beams with a typical average value of 0.49. 

4. The U–shape was the weakest strengthening 
shape for improving cracking and ultimate 
loads, that because the secondary strains 
came from the down face of beam. 
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5. Approximately, for all SCC beams there was 

a small difference in the values of the 
diagonal cracking strength even for beams 
without strengthening (A0 and B0), this may 
be attributed to the retardation of the CFRP 
strips to respond and resist the tensile 

stresses transported from the concrete due to 
forming the micro diagonal cracks. 

6. A comparison of the load-deflection 
behavior shows that the behavior of the SCC 
beams in group A (a/d=2.5) was generally 
similar to the beams in group B (a/d=3), so 
they had the same load-deflection behavior. 
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  Table 1- Range of variables 

Variable Unit Range 
𝑓𝑓𝑐𝑐′ MPa 6.07 - 101.82 
𝑎𝑎/𝑑𝑑 ---- 2 - 8.673 
𝜌𝜌𝑤𝑤 ---- 0.251% - 6.621% 

𝜌𝜌𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 MPa 0 - 2.417 
 𝑏𝑏𝑤𝑤𝑑𝑑 mm2 985 - 372004 

 

  
Abstract— Presently shear design of RC beams, both in codes 

and research has a very wide range on the influence of major 
parameters. For example, the influence of concrete compressive 
strength f’c (or fcu) affects the shear strength of beams by 
varying power values: 2/3, 1/2, 0.38 and 1/3. It is well known that 
shear in RC beams is essentially based on empirical or semi- 
empirical formulae. 549 tests of beams failing in shear available 
from the literature are studied in this work. These include 423 
ones without web reinforcement and 126 with stirrups. In this 
work the design involves two main design proposals- one with 
and the other without size effect. 

  The best available design method obtained from the 
literature leads to 24.4% increase in the coefficient of variation 
(COV) compared to the proposed design method in this work- 
essentially because the latter includes size effect, whose COV is 
16.44%. 
 

Keywords: shear capacity; size effect; span- depth ratio; web 
reinforcement. 
 

I. INTRODUCTION 
resently there are significantly different approaches for 

estimating shear capacity of reinforced concrete (RC) 
beams. It is well known that several factors influence the RC 
beam shear behaviour. For example Bresler and MacGregor[1] 
indicate that shear in RC beams is influenced by many factors; 
including but are not limited to: shape and proportions of 
structural restraint, interaction with other system components, 
amount of longitudinal and transverse reinforcement, load 
history and distribution, and material properties, etc.  

Bazant, fellow member of ACI-ASCE Committee 445 has 
recently sent a research work[2] to the first author of this 
work. In summary they[2] (Yu et al) indicate that the size 
effect on shear strength of RC beams may be misleading. It is 
influenced by 3 factors: (i) scatter due to differences among 
concretes; (ii) scatter due to beam size variation; and (iii) 
scatter due to variation in shear span, reinforcement ratio, 
concrete strength, aggregate size, type of loading, concrete 
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2Asst. Professor, Building and Construction Engineering Department, 
University of Technology, Baghdad, Iraq. E-mail: 
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age, etc. They[2] indicate that (i) is an “order of magnitude” 
higher than the others: (ii) & (iii) and thus (i) covers them up. 

In this paper, RC beam test results have been taken from 
the literature to estimate beam shear capacity. 

  

II. RESEARCH SIGNIFICANCE  

Several code and research estimates of shear capacity of 
RC beams are studied in this work. A large data base of 549 
tests is used in this work: 423 without stirrups and 126 with 
stirrups. It is found that including the size effect in this work 
leads to a significantly improved COV for all available 549 
tests from the literature. In fact the proposed equation with 
size effect leads to a COV of 16.44%, compared with the best 
value of 20.45% from the available literature. 
 

III. EXPERIMENTAL INVESTIGATIONS 
The 549 shear tests have been taken from the literature: 

Bazant et al[3]; Sarsam and Abdullah[4]; Sarsam and Al-
Musawi[5]; Aoude et al[6]; and Lin and Chen[7]. 

All of these RC beams involved slender rectangular ones 
(shear span/ effective depth ratio ≥2) that failed in shear under 
concentrated loading. Table 1 indicates the range of variables 
in all 549 tests. 

 
where:  
𝑓𝑓𝑐𝑐′ = cylinder compressive strength of concrete, MPa 
𝑎𝑎 = shear span, equal to distance from center of concentrated 

load to center of support for simply supported members, 
mm  

𝑑𝑑 = distance from extreme compression fiber to centroid of 
longitudinal tension reinforcement, mm 

𝜌𝜌𝑤𝑤 = ratio of 𝐴𝐴𝑠𝑠 to 𝑏𝑏𝑤𝑤𝑑𝑑 
𝜌𝜌𝑣𝑣 = ratio of 𝐴𝐴𝑣𝑣 to 𝑏𝑏𝑤𝑤 𝑆𝑆 
𝑆𝑆 = center- to- center spacing of transverse reinforcement,   

mm  
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𝑓𝑓𝑦𝑦𝑦𝑦 = specified yield strength of transverse reinforcement,   
MPa. 

𝑏𝑏𝑤𝑤 = web width, mm 
 

IV. CODE ESTIMATES OF RC BEAM SHEAR CAPACITY: 
 
1- BS 8110:1997[8]  

 

𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟 = 0.79 �
100𝐴𝐴𝑠𝑠
𝑏𝑏𝑤𝑤𝑑𝑑

�
1/3

 �
400
𝑑𝑑
�
1/4

 �
𝑓𝑓𝑐𝑐𝑐𝑐
25
�
1/3

  𝑏𝑏𝑤𝑤 .𝑑𝑑/𝛾𝛾𝑚𝑚  

+  
0.95 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆
                                       (1) 

 

                              0.15 ≤  
100𝐴𝐴𝑠𝑠
𝑏𝑏𝑤𝑤𝑑𝑑

≤ 3.0                                (2) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟 = estimated shear strength per reference 8, N 
 

�
400
𝑑𝑑
� = size effect, used for enhancement only 

𝐴𝐴𝑠𝑠= area of nonprestressed longitudinal tension reinforcement,   
        mm2 
𝑓𝑓𝑐𝑐𝑐𝑐 = cube compressive strength of concrete, not to exceed 40 

MPa. For comparison in this work, 𝑓𝑓𝑐𝑐𝑐𝑐 = 𝑓𝑓𝑐𝑐′ / 0.82  
𝛾𝛾𝑚𝑚 = 1.25 
𝐴𝐴𝑣𝑣 = area of shear reinforcement within spacing S, mm2 
  
2- Australian Code; AS 3600:2001[9] 

   𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟 = 0.7 �𝛽𝛽1  𝑏𝑏𝑤𝑤𝑑𝑑 �
𝐴𝐴𝑠𝑠𝑓𝑓𝑐𝑐′

𝑏𝑏𝑤𝑤𝑑𝑑
�
1/3

  +  
 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆
�       (3) 

       𝛽𝛽1 = 1.1 �1.6 −
𝑑𝑑

1000
� ≥ 1.1       [𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 𝑠𝑠𝑓𝑓𝑓𝑓𝑠𝑠𝑒𝑒𝑒𝑒]       (4) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟 = estimated shear strength per reference 9, N 
 
3- Canadian code; A23.3:2004[10] 

  𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟 = 0.65 𝛽𝛽 �𝑓𝑓𝑐𝑐′ 𝑏𝑏𝑤𝑤𝑑𝑑𝑣𝑣 +
0.85 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑𝑣𝑣 𝑒𝑒𝑐𝑐𝑒𝑒 35𝑜𝑜

𝑆𝑆        (5) 

         𝛽𝛽=0.18, with stirrups                                               (6)                                       

          𝛽𝛽 =
230

1000 + 𝑑𝑑𝑣𝑣
,𝑤𝑤𝑠𝑠𝑒𝑒ℎ𝑐𝑐𝑜𝑜𝑒𝑒 𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑜𝑜𝑠𝑠𝑠𝑠                           (7) 

          𝑓𝑓𝑐𝑐′ ≤ 64 𝑀𝑀𝑀𝑀𝑎𝑎,𝑜𝑜𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 𝑙𝑙𝑠𝑠𝑙𝑙𝑠𝑠𝑒𝑒                                          (8) 
 

    𝑑𝑑𝑣𝑣 =   0.9𝑑𝑑
 0.72ℎ�  𝑤𝑤ℎ𝑠𝑠𝑒𝑒ℎ𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠 𝑠𝑠𝑠𝑠 𝑔𝑔𝑠𝑠𝑠𝑠𝑎𝑎𝑒𝑒𝑠𝑠𝑠𝑠                       (9) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟 = estimated shear strength per reference 10, N 
ℎ = overall thickness or height of member, mm 
 
4- ACI 318M-11[11]- Simplified method 

     𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟−𝑟𝑟 = 0.75 �0.17�𝑓𝑓𝑐𝑐′  𝑏𝑏𝑤𝑤𝑑𝑑 +
 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆
 �         (10) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟−𝑟𝑟 = estimated shear strength per reference 11; based 

on simplified ACI method, N 
 
5- ACI 318M-11[11]- Detailed method 

   𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟−𝐷𝐷 = 0.75 �(0.16 �𝑓𝑓𝑐𝑐′  + 17𝜌𝜌𝑤𝑤  
𝑉𝑉𝑐𝑐𝑑𝑑
𝑀𝑀𝑐𝑐

)  𝑏𝑏𝑤𝑤𝑑𝑑

+
 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆
�                                     (11) 

                                   
𝑉𝑉𝑐𝑐𝑑𝑑
𝑀𝑀𝑐𝑐

≤ 1                                         (12) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟−𝐷𝐷 = estimated shear strength per reference 11; based on 

detailed ACI method, N 
𝑉𝑉𝑐𝑐 = factored shear force at section, N 
𝑀𝑀𝑐𝑐 = factored moment at section, N.mm 

V. EXISTING RESEARCH ESTIMATES OF RC BEAM SHEAR                     
CAPACITY: 

1- Sarsam and Al-Musawi Approach[5] 

  𝑉𝑉𝑟𝑟𝑟𝑟&𝑟𝑟 = 1.8  �𝑓𝑓𝑐𝑐′ 𝜌𝜌𝑤𝑤  
𝑉𝑉𝑐𝑐𝑑𝑑
𝑀𝑀𝑐𝑐

�
0.38

  𝑏𝑏𝑤𝑤𝑑𝑑 +
 𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆
    (13) 

                                           
𝑉𝑉𝑐𝑐𝑑𝑑
𝑀𝑀𝑐𝑐

≤ 0.5                                     (14) 

where: 
𝑉𝑉𝑟𝑟𝑟𝑟&𝑟𝑟 = estimated shear strength per reference 5, N 
 
2- Kuo et al approach[12] 

 𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟 = 1.17 �
𝑎𝑎
𝑑𝑑
�
−0.7

�𝑓𝑓𝑐𝑐′   𝑏𝑏𝑤𝑤𝐶𝐶

+   𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 �
  𝑑𝑑
𝑆𝑆
− 1�                          (15) 

     𝐶𝐶/𝑑𝑑 = �2 𝜌𝜌𝑤𝑤  𝑛𝑛 + (𝜌𝜌𝑤𝑤  𝑛𝑛)2 – 𝜌𝜌𝑤𝑤  𝑛𝑛                            (16) 
 

                                         𝑛𝑛 =
𝐸𝐸𝑟𝑟
𝐸𝐸𝑟𝑟

                                             (17) 

                                𝐸𝐸𝑟𝑟 = 4700 �𝑓𝑓𝑐𝑐′                                      (18) 
where: 
𝑉𝑉𝑟𝑟𝑟𝑟𝑟𝑟𝑟𝑟 = estimated shear strength per reference 12, N 
𝐸𝐸𝑟𝑟 = modulus of elasticity of reinforcement = 200000 MPa 
𝐸𝐸𝑐𝑐 = modulus of elasticity of concrete, MPa 

VI. EVALUATION OF EXPERIMENTAL RESULTS 
From the methods used in codes & research proposals, a 

comparison was made for the ratio of (Vexp/Vr ), 
 where: 
Vexp = Shear resistance of tested beam, N 
Vr  = Calculated shear resistance based on different methods 

of prediction, N 
Table 2 gives a comparison of the results of the different 

methods, based on the ratio of (Vexp/Vr).  
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Regression analysis was performed on all 549 tests, 
obtained from the literature. This led to the following 
equation: 

 

 𝑉𝑉𝑟𝑟,𝑃𝑃𝑃𝑃𝑟𝑟𝑃𝑃. = 1.8 𝜆𝜆𝑟𝑟   �𝑓𝑓𝑐𝑐′ 𝜌𝜌𝑤𝑤  
𝑉𝑉𝑐𝑐𝑑𝑑
𝑀𝑀𝑐𝑐

�
0.4

  𝑏𝑏𝑤𝑤𝑑𝑑  +
 𝜙𝜙𝑟𝑟𝐴𝐴𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 𝑑𝑑

𝑆𝑆      (19) 

                                            𝑉𝑉𝑢𝑢𝑑𝑑
𝑀𝑀𝑢𝑢

≤ 0.5                                         (20) 
where: 
𝑉𝑉𝑟𝑟,𝑃𝑃𝑃𝑃𝑟𝑟𝑃𝑃.= estimated shear strength by the proposed equation, N 
𝜆𝜆𝑟𝑟 = size effect 
𝜙𝜙𝑟𝑟 = 0.8   
 In testing all 549 results, using 𝜆𝜆𝑟𝑟=1 led to a COV of 
19.98%. The regression analysis led to a significant drop in 
COV to 16.44% where Eq. (21) was applied. Therefore this 
equation is recommended in this work.  
            𝜆𝜆𝑟𝑟 = (1.2 − 0.2 𝑎𝑎)  ≥ 0.85                                        (21) 
where 𝑎𝑎  is in m. 
 The last column in Table 2 indicates the various ratios of 
(Vexp/Vr) for the proposed method- Eqs. (19) & (21). As can 
be seen from this table, the COV values range between 
(20.45% - 32.65%). By using the size effect, the proposed 
method has improved significantly the COV to a value of 
16.44%. 
   Figs. 1-4 indicate the trend of the influence of major 
parameters on the prediction of shear resistance of 4 methods: 
BS[8], ACI[11] - detailed method, reference 5, and the 
proposed method. Fig. 1 shows that the proposed method 
reveals little change in this method, despite the change in  𝑓𝑓𝑐𝑐′ 
between (6.1 – 101.8) MPa. This contrasts with other 
methods- e.g. the BS[8] method leads to significantly 
uneconomic prediction of strength with rising 𝑓𝑓𝑐𝑐′. Fig. 2 also 
shows little change in prediction for the proposed method with 
a/d between (2 - 8.67). Again, the other methods lead to 
dropping values of the ratios of (Vexp/Vr), with the highest in 
the BS[8] method. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

While Fig. 3 illustrates little change in prediction for the 
proposed method & reference 5 with 𝜌𝜌𝑤𝑤 (0.25% - 6.62%), this 
is not the case with other methods– especially the ACI[11] 
method. Similar results are shown in Fig. 4 (proposed, 

reference 5 and BS[8]) with significant influence of 𝜌𝜌𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 
ranging between 0 (without stirrups) – 2.42 MPa. Design by 
the proposed method and that of reference 5 contrasts with 
ACI[11] method. The former (proposed and reference 5) show 
no trend of  𝜌𝜌𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦 influence, contrasting with the latter[11] 
when the safety factor increases with rising 𝜌𝜌𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦. 
 

 

VII. CONCLUSIONS 
Based on 549 tests of RC beams failing in shear obtained 

from the literature, the following conclusions are made: 
1. Regression analysis of all tests indicates that the 

ratio of (Vexp / Vr) drops significantly from  19.98% 
to16.44% when the size effect is included, as shown 
in Eqs. (19) & (21). 

2. Reference 5 gives the lowest COV of all existing 
methods 20.45%. It is clear from the proposed 
method that using λS Eq. (21) for size effect has 
significantly improved the COV for shear capacity 
prediction. 

3. The proposed method by Kuo et al[12] also leads to 
significant drop in COV compared to several code 
predictions. However, a very large number of unsafe 
predictions occurs with this method. In contrast with 
reference 12, the proposed method leads to a much 
simpler prediction of strength. 

4. Of the code methods the Canadian code[10] method  
gives the highest COV of 32.65%. This is because 
strength is based only on (𝑓𝑓𝑐𝑐′)1/2. Similarly 
ACI[11]- simplified method which  also relies on a 
ratio of  (𝑓𝑓𝑐𝑐′)1/2 also leads to a very high COV of 
30.95 %. 
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5. In contrast with the proposed method and that of 
reference 5, Figs. 1 and 3 show significant safety 
factor changes respectively with increasing 𝑓𝑓𝑐𝑐′ and  
𝜌𝜌𝑤𝑤 by both BS[8] and ACI[11]  methods. 

6. With the proposed design method- Eqs. (19) & (21), 
Figs. 1-4 show little change in safety factor with 
increasing  𝑓𝑓𝑐𝑐′, 𝑎𝑎/𝑑𝑑, 𝜌𝜌𝑤𝑤, and  𝜌𝜌𝑣𝑣 𝑓𝑓𝑦𝑦𝑦𝑦. 
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Concrete Sleepers Reinforced with Steel Rebars 
and Disc Washers 

 

 
Abstract— This research aims to study the possibility of using 
disk washers welded through reinforcement rebar instead of 
the ordinary reinforcement steel bars or strand used in 
concrete. This study also includes experimental work to cast 12 
samples of full scale beams, dimensions 2515 mm length, 264 
mm width and 212 mm height, which is the same model of the 
railway sleepers, with a concrete mix design of (1:2:4) 
(cement:sand:gravel) by volume, and the same water to cement 
ratio (W/C) of 0.5. The external diameter of the disc washer is 
59 mm, the internal diameter of the disc hole washer is 17 mm 
and the thickness is 2 mm. Only the reference sample have no 
washers welded through the rebar, but the other samples, with 
disk washers welded either at the top and/or bottom side with 
different distance between welded discs vary (50, 100, 150 and 
200) mm. For all samples the diameter of the steel deformed 
reinforcement is 12 mm, two at the top of the cross section and 
two at the bottom using simply supported beam test and rail 
seat distance of 1435 mm. The main conclusion from this 
investigation is, that the bearing capacity of the sleepers 
reinforced by disc washers is about twice the bearing capacity 
of the same sleepers using conventional mild steel bars. 

Index Terms— Rebar, concrete sleepers, washer disk, bearing capacity. 
 

I. THEORETICAL PHASE 
he railway sleepers companies competing to product 
ideal types of concrete sleepers with a cheap price, 
the process type of casting sleepers using pre-tension 

of steel strand which make no sense to cast sleepers in site, it 
should be manufactured in a special care. The full scale 
dimensions of sleepers almost same 2515 x 264 x 212mm, as 
shown in the Fig. 1. It is obvious that the tensile stress of 
concrete is approximately one tenth the compressive strength 
of concrete, therefore adding steel reinforcement to the 
concrete in design is a must. The evolution of steel 
reinforcement progression from plain or smooth rebar to 
deform type considers a revolution in civil engineering 
science. 
 

 Fig. 1. Railway sleepers 

EVOLUTION OF REBAR 
Plain rebar is a round rod without repeating patterns of 

ridges and depressions on its surface. They are often used in 
situations where the rebar sections need to slide, such as the 
highway pavements, which are easy to subject to the weather 
induced expansion and cracking [1] Where the ribs and 
depressions on the surface of deformed rebar can increase 
the bond strength with concrete and prevent slippage. The 
patterns can be customized according to customer's 
requirements. Definitely the production of plain rebar much 
easier than deformed one, also urge customers at that time to 
buy a new type of steel reinforcement was not easy, at the 
beginning of production. Today only the deform rebar used 
in reinforced concrete. There are many types of deformed 
rebar as shown in the Fig. 2. 
 

  
Fig. 2. plain and deformed rebars [1] 

 
 
The physical deformation difference between the plain rebar 
and the deformed rebar appear by the lugs and ribs shown in 
the Fig. 3, [2]. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Fig. 3. Lugs and rib of the deform rebar [2] 

Mohammed Mosleh Salman and Wael Shahatha Abdul Kareem 

T 
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The bending stresses of the reinforced concrete beam shown 
in the Fig. 4, results from the applied force try to laterally 
slip the reinforcement from the concrete, only the adhesive 
force causes the surface friction between concrete and 
reinforcement try to react this bending, the lugs on the rebar 
surface increase the friction, that leads to reduce the slip of 
the pullout forces, as shown in the Fig. 5. 
 

 
Fig. 4. The bending stress effects 

 

 
Fig. 5. show the effect of rebar pullout from concrete due to bending load 

[3] 
 

AMERICAN SOCIETY OF CIVIL ENGINEERING (ASCE): 
The conclusion results from the American society of 

Civil Engineering ASCE are; First, the bond strength 
between concrete and plain rebar decrease by 28.6% than the 
bond strength between the concrete and the deformed rebar. 
Second, plain rebar slip more than deform rebar when 
subjected to pullout force. Third, in order to increase the 
bond between the concrete and rebar, the most effective 
parameter is by increase the compressive strength of the 
concrete. As shown in the Fig. 6, [4] 

 

 

 
 

 
Fig. 6. The bonds between the concrete and rebar 

 

II. ESSENCE OF THIS STUDY 
Imagine that the height of the lugs increases than its 

familiars, then the pullout forces need to be increase too, and 
that will be increase the bearing capacity of the concrete 
beams. This is the phenomenon of this research. In Iraq, 
manufacturing samples of casted rebar with a built-in disk 
washer is not easy to do as a researcher, but welding the 
washer disk with a rebar could be a suitable choice for this 
study. Later we found that the zone between two washer 
disks replace the tension stresses to compression stresses, 
which make the concrete in this zone achieve a compressive 
strength instead of tensile strength. Under the assumption 
that plane sections remain plane and perpendicular to the 
neutral axis during deformation, each fiber in the cross-
section change length proportional to its distance from the 
neutral axis [5,6,7]. Whenever the load increases the bending 
increase too, the adjacent disk washer will work as an 
automatic piston at the upper half distance of the tension 
zone of a concrete, as shown in the Fig.7.  
 
Increasing the load before failure leads to many probabilities 
that may be happened to the disk washer reinforced concrete 
beam; First, failure the welding between the disk and rebar. 
Second, the disk washers fold. Third, cracks appeared 
rapidly at the concrete of the tension cover. The main goal is 
the failure is partial, because the bond surface area between 
concrete and disk washer more than the bond between the 
deformed rebar and concrete.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Fig. 7. Disk washer increase replace the concrete tension zone to 

compression. 
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III. EXPERIMENTAL PHASE 
The concrete mix proportion used in this study by 

volume (1:2:4), (cement, sand, gravel) with 0.5 water to 
cement ratio. The type of cement is Ordinary Tasloja 
Sulaimaniya, manufactured at Kurdistan Iraq. The dimension 
of the concrete sleeper beam (2515 mm length x 264 mm 
width x 212 mm height). The rebar used is steel deformed 
diameter 12 mm, comply with the standards B.S 4449-1997 
[8]. A steel disk washers used of thickness 2 mm, and the 
external diameter is 59 mm, the internal diameter of the disk 
hole is 17 mm, as shown in Fig. 8, electrically welded with 
deform rebar at every (5, 10, 15, and 20) cm, as shown in the 
Fig. 9, and Table 1. The type of test used is simply supported 
beam (Rail seat distance). No tank used in curing, Sackcloth 
with Drip water system pipes and timer used in curing for 28 
days, as shown in the Table 2. Also, no shadow above the 
sleepers during casting, curing and storing. The stirrups 
diameter is 5.5 mm tied at 100 mm center to center. Twelve 
dual concrete sleepers have been cast with a concrete cover 
of 20 mm as shown in the Fig. 10. Greased poly wood molds 
used of thickness 17 mm.   

 

 
Fig. 8. Disk washer 

 
 

 
Fig. 9. Disk Washer Rebar 

 
 
 
 

 
 
Table (1), Distribution of disk Washer and rebar in sleepers 

Sleepers 
No. 

Sleeper Cross 
Section 

Bottom 
Disk 

Washer 
c/c 
mm 

Upper 
Disk 

Washer 
c/c 
mm 

1 & 2  

 

50 Nill 

3 & 4 

 

100 Nill 

5 & 6 

 

150 Nill 

7 & 8 

 

150 150 

9 & 10 

 

200 Nill 

11 & 12 

 
Nill Nill 
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Table (2), Date of cast, curing, and temperature for reinforced concrete 
sleepers 
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Fig. 10, The sleeper after failure 
 

IV. RESULT AND DISCUSSION  
The use of disk washer steel reinforcement concrete 

sleepers increases the bearing capacity by 73% than the 
reinforced concrete sleepers without disk washers, as shown 
in the Table 3, and Fig. 11.  

 
Table 3, Bearing Capacity and Test Results for reinforced concrete sleepers 

 

B
ea

m
 ty

pe
 

Type of washers  @ 

center to center 

(mm) Sample1 

kN 

Sample2 

kN 

Average 

kN 

Upper 

Washers  

Bottom 

Washers 

1- Nil 50 170 156 163 

2- Nil 100 224 200 212 

3- 15 150 306 320 313 

4- Nil 150 325 335 330 

5- Nil 200 240 212 226 

6- Nil Nil 160 220 190 

 
 

 
Fig. 11, the relation between the distance of disk washer 
and the bearing load 

 

V. CONCLUSION  
This type of Concrete Sleepers Reinforced with Steel 

Rebars and Disc Washers are recommended for using in 
Railways institutes, moreover, it is very suitable to use in 
concrete piles. As a result, that will minimize the usage of 
steel rebar in structural design. 
 

VI. RECOMMENDATIONS 
1- use the mix proportion (1:1.5:3) instead of (1:2:4). 
2- decrease the dimension of disk washer. 
3- use beam sleeper number 4, which the distance 

between disk washers is 150mm. 
4- electrical welding used in this study could be 

revised to another way and better one. 
5- adding chemical additives may increase the 

compressive strength of concrete.  
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Abstract— Carbon fibre reinforced polymers (CFRPs) are 
commonly used for strengthening steel and concrete structures, 
with different types of CFRP used for strengthening different 
structural elements. A number of studies have focused on 
strengthening of steel members using low- and normal-modulus 
CFRP. However, there is a lack of understanding of the use of 
ultra-high modulus (UHM) CFRP for strengthening steel 
structures under impact loading. This paper presents an 
experimental investigation on the effect of high load rates on the 
bond strength, failure mode, effective bond length and strain 
distribution along the bond interface between CFRP and steel 
plates in double-strap joint specimens. Two methods of capturing 
strain were used in this program: image correlation 
photogrammetry was used for specimens tested under quasi-static 
tensile load, and foil strain gauges were used for specimens tested 
under impact tensile loading. UHM CFRP was used to strengthen 
the joints using Araldite 420 epoxy. The results show a significant 
increase in the bond strength and different failure modes were 
observed. 
 
Keywords— Ultra-high modulus CFRP, impact loading, CFRP-
steel joints, bond strength. 
 

 
 

I. INTRODUCTION 
Composite materials are widely used in civil engineering 
applications such as buildings, bridges and other 
structures. Impact tension load is a common type of 

loading on steel structures, especially on bridges, off-shore 
platforms and buildings during their service life. Over time, 
since these structures sustain fewer loads because of ageing, or 
changes in their use, they need to be strengthened to sustain 
the new loads. A number of studies have focused on the bond 
characteristics between steel members and CFRP by testing 
and analysing these composite structural elements with 
different types of loads [1-6]. Although these studies cover 
different types of loading, there remains a lack in evaluating 
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the effect of high loading rates on the bond between steel and 
ultra-high modulus (UHM) CFRP laminate. This paper fills the 
gap in the literature by studying the bond characteristics 
between UHM CFRP-steel double-strap joints under different 
loading rates. Three loading rates were used in this study: 
2mm/min for quasi-static loading, and 201×103 and 300×103 

mm/min for dynamic loading. The results of dynamic testing 
were compared to those from the quasi-static tests to find the 
percentage of enhancement under dynamic loads. 
 

II. EXPERIMENTAL INVESTIGATION AND MATERIALS USED  

A. Material properties  
The materials used in this experimental program were mild 

steel, Araldite 420 epoxy and ultra-high CFRP modulus 
MBrace laminate 450/1500. The manufacturer’s materials 
properties are shown below: 

a) Ultra-high modulus CFRP laminates 
To study the bond properties between UHM CFRP and 
steel in double-strap joints under static and dynamic 
loadings, MBrace laminate 450/1500 with a thickness of 
1.2mm was used in this research, and the modulus of 
elasticity and tensile strength and ultimate strain were 450 
GPa, 1500 MPa and 0.33% respectively,  

b) Araldite 420 adhesive 
Araldite 420 epoxy is a two-part epoxy; it is a flexible and 
tough material, and its curing time is 7 days under  C. 
The ultimate tensile strength, ultimate strain and modulus 
of elasticity are 32.0 MPa, 4% and 1900 MPa 
respectively. 

B. Specimen Preparation 
This project studied the effect of high loading rates on the 
bond between steel and UHM CFRP laminate. Mild steel of 
grade A36, Araldite 420 adhesive, and UHM CFRP were used 
to configure the CFRP-steel double-strap joints. The joints 
were manufactured by gluing two steel plates on their cross 
sections using Araldite 420 epoxy, and the two steel members 
were aligned during bonding to avoid eccentricity when 
loading (see Figure 1). They were then cured for 24 hours to 
enable the adhesive to set.  

Strengthening of Steel Members Subjected to 
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Figure 1: Bonding two steel plates using Araldite 420 

 
After the adhesive set, the steel surface was sandblasted along 
the bond area to remove dust, paint, oil and any other 
suspended materials on the surfaces and to ensure good 
contact between the epoxy and steel along the bond area. The 
sandblasted surface was then cleaned with acetone before 
adhesive application to provide a chemically active surface. 
According to the manufacturer’s requirements, the adhesive 
layer was added after the steel surface was fully dry. As 
Araldite 420 has two parts, the mixing percentages and 
procedure were carried out according to the manufacturer’s 
specifications. CFRP laminates were cut into the required 
lengths and wiped with alcohol to ensure they were free of 
dust. CFRP laminates were then attached to the sandblasted 
steel surface using the Araldite 420 epoxy. The adhesive was 
uniformly applied on the bond area with an approximately 
triangular cross-section to help the epoxy to be distributed 
uniformly along the bond area. 
Finally, CFRP laminates were attached on the joints 
immediately after adding the adhesive layer to ensure that the 
resin was still workable. Uniform squeezing was applied when 
attaching the CFRP laminate to expel the air bubbles, using a 
steel plate supported by two washers at the ends to create a 
uniform adhesive thickness along the bond length. The 
specimens were then cured for 24 hours prior to preparing the 
other sides of the joints to ensure no slippage or damage 
occurred. The same preparation procedure was used for the 
other side of the specimens. The bond length from one side of 
the joint (L1) was smaller than L2) to ensure that the failure 
occurred in the shorter side (L1). The specimens were cured 
for more than 7 days according to the manufacturer’s 
recommendation for the adhesive. 
The steel plate dimensions were 200mm long, 40mm wide and 
16mm thick and the CFRP section was 20×1.2mm. Three 
results were focused on: ultimate joint strength, effective bond 
length and strain distribution along the bond under both quasi-
static and dynamic loading. A schematic of a double-strap 
specimen is shown in Figure 2 below:  

 
Figure 2: Schematic view of double-strap specimen (Not to 

scale) 

C. Test set-up 
A total of 87 ultra-high CFRP-steel double-strap joint 
specimens were prepared in this research, in order to 
investigate the bond properties between steel and UHM CFRP 
laminate under high loading rates. The specimens were tested 
under three loading rates, starting from quasi-static loading 
with a loading rate of 2mm/min to high loading rates of 

201×  and 300×  mm\min.  
There were three sets of specimens: 33 CFRP-steel double-
strap specimens were tested under quasi static loading, 27 
CFRP-steel double-strap specimens were tested under a 

loading rate of 201× mm/min, and the remaining 27 

specimens were tested under 300×  mm/min. Two methods 
of capturing strain were used. For static testing, image 
correlation photogrammetry was utilized using a correlated 
solution camera (VIC-3D). This technique was used to capture 
the strain along the bond area of specimens. All specimens 
were painted white along the bond area, and then each 
specimen was painted with black dots using a fine marker as 
recommended in the manual of the VIC-3D correlated solution 
camera (see Figure 3). Each dot on the specimens represents 
one foil strain gauge; the camera captured the strain that 
developed on the double-strap joint during the loading. A 
number of photographs were taken using the same VIC-3D 
correlated solution camera with high resolution to monitor the 
propagation of failure. However, for dynamic testing, 
conventional foil strain gauges were mounted on the top of the 
CFRP along the bond length at constant distances of 20mm 
starting from the joint. 
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Figure 3: CFRP-steel double-strap joint under test 

 

III. TEST RESULTS  
The main findings observed in this research were the ultimate 
joint strength, effective bond length and the strain distribution 
along the bond, and comparisons between static and dynamic 
tests were also made. 

 

A. Ultimate Bond Strength 
The ultimate joint capacities for both the experimental tests 

(static and dynamic loadings) of CFRP-steel double-strap 
joints are summarised in Tables 1-3. The same parameters 
were used for all joints with the exception of the loading rates. 
Various bond lengths were used, from 30mm to 130mm for the 
quasi-static tests and 20mm to 100mm for dynamic tests. In the 
specimen labels, UHS represents ultra-high specimen followed 
by a number, which is the bond length in mm. 

TABLE I 
TEST RESULTS OF ULTRA-HIGH MODULUS CFRP-STEEL DOUBLE-STRAP JOINTS 

WITH 20MM CFRP WIDTH  

Specime
n label L1 L2 L2 –

L1 
Ave 

 
UHS-30 30 100 70 31.76 
UHS-40 40 100 60 43.3 
UHS-50 50 100 50 54.4 
UHS-60 60 100 40 64.1 
UHS-70 70 110 40 73.2 
UHS-80 80 120 40 73.1 
UHS-90 90 130 40 73.0 

UHS-100 100 140 40 73.2 
UHS-110 110 150 40 73.4 
UHS-120 120 160 40 73.3 
UHS-130 130 170 40 73.2 
     

 
 
 
 

TABLE II 
DYNAMIC RESULTS FOR ULTRA-HIGH MODULUS CFRP-STEEL JOINTS WITH 

LOAD RATE OF 201×  MM/MIN  

Specimen 
label 

L1 
(mm) 

L2 
(mm) 

Ave 
 

UHS-20 20 100 35.5 
UHS-30 30 100 45.3 
UHS-40 40 100 45.5 
UHS-50 50 100 45.1 
UHS-60 60 100 45.7 
UHS-70 70 110 45.8 
UHS-80 80 120 45 
UHS-90 90 130 46 

UHS-100 100 140 45.6 
    

 
TABLE III 

DYNAMIC RESULTS FOR UHM CFRP-STEEL DOUBLE STRAP JOINTS UNDER 
LOAD RATE OF 300×  MM/MIN 

Specimen 
label F10 

L1 
(mm) 

L2 
(mm) 

Ave 
 

UHS-20 20 100 44.2 
UHS-30 30 100 56.5 
UHS-40 40 100 56.4 
UHS-50 50 100 56.4 
UHS-60 60 100 56.9 
UHS-70 70 110 56.8 
UHS-80 80 120 56.4 
UHS-90 90 130 56.5 

UHS-100 100 140 57.1 
    

 
The tables above show the joint capacities of UHM CFRP-

steel double-strap joints for the three load rates of 2mm/min 
for quasi-static loading, and 201×  and 300× mm/min 
for dynamic loading. Each joint capacity in the table is the 
average of three specimens’ strengths. The bond force was 
increased under dynamic loading compared to the quasi-static 
loading. The bond force was increased as the bond length 
increased up to a certain value, and this value of bond length is 
defined as the effective bond length.  

 

B. Effective Bond Length  
The effective bond length is the second result obtained from 

this experimental program. The effective bond length can be 
defined as the bond length beyond which no further increase in 
joint capacity occurs. The effective bond length was 
theoretically observed by [7], the model used elastic-plastic 
adhesive rather than pure elastic or non-linear behaviour, the 
failure mechanism was totally dependent on maximum shear 
strain of adhesive at the location of highest strain or stress 
values. A number of researchers studied this concept 
experimentally for different types of CFRP modulus and 
sections [8, 9]. In the present project, the effective bond length 
was varied depending on load rate. For specimens with low 
load rate (2mm/min), the effective bond length was found to 
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be 70mm, whereas for specimens tested under high loading 
rates (201×  and 300×  mm/min) the effective bond 
length was found to be 30mm. Figure 4 shows the plots of 
joint capacities in kN versus bond length in mm for all joints 
under the three loading rates. 

 
Figure 4 Bond force vs. bond length for UHM CFRP-steel 

joints under all loading rates 

C. Strain Distribution along the Bond 
Based on the strain gauge readings for dynamic tests and 

image correlation photogrammetry for quasi-static loading, the 
strain distribution along the bond length was investigated at 
specific distances along the bond. The distance between strain 
gauges was 20mm, starting from the joint to the far end of the 
short length L1, and the strain values from image correlation 
photogrammetry were measured at the same distances used in 
the dynamic test to have comparable plots between static and 
dynamic results. The same trend of strain distribution curves 
was observed for all loading rates, with insignificant changes 
in strain values. Figures 5-7 show the strain distribution along 
the ultra-high CFRP-steel joints for three loading rates, each 
graph showing three different load levels 30%, 60% and 90% 
of the ultimate joint strength. The load level can be defined as 
the ratio of the applied load to the ultimate load achieved from 
the test. The results show a maximum strain value occurs at the 
center of the joint, and then it starts to decrease away from the 
joint for all load levels and all loading rates. 

 
Figure 5: Strain distribution along the bond of UHM-steel 

double-strap joints under quasi-static loading 

 
Figure 6: Strain distribution along the bond length for ultra-
high CFRP-steel joints under loading rate 201×103 mm/min 

 

 
Figure 7: Strain distribution along the bond length for ultra-
high CFRP-steel joint under loading rate 300×103 mm/min 

 

IV. DISCUSSION  
 From the results above, it is evident that under high loading 

rates there was enhancement in bond strength, decreasing 
effective bond length and an insignificant increase in ultimate 
strain values. The increase in bond strength is shown in Tables 
1-3. As the tables indicate, the bond force increased for the 
bond length 30mm under dynamic loading compared to static 
loading, and then it remained steady. However, for static 
loading, the bond force kept increasing up to a bond length of 
70mm, and this behaviour is also shown in Figure 4. When 
inspecting the failure modes for the specimens with the 
effective bond length and for the three tests, CFRP rupture was 
observed for specimens tested under static loading and CFRP 
delamination for specimens tested under dynamic loading. 
These two failure modes can explain the effective bond length 
differences, as the CFRP reached its full capacity under static 
loading, whereas it did not reach full capacity under dynamic 
loading, under which it showed CFRP delamination which 
occurred within the CFRP layers. 

V. CONCLUSION  
A total of 87 ultra-high modulus CFRP-steel double-strap 

joints were tested under three loading rates in order to study 
the effect of high loading rates on the bond between UHM-
CFRP and steel members. 2mm/min, 201×  and 
300× mm/min were the three loading rates used in this 
research. The results showed a significant decrease in the 
effective bond length under dynamic loading, an increase in 
joint strength, and an insignificant increase in the ultimate 
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strain values. 
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Abstract— This research deals with the linear elastic behavior of 
circular plates on nonlinear Winkler foundations The analysis is 
based on thick and thin plate theories. In the theory of thick 
plates the transverse shearing deformation is considered. These 
theories are extended to include circular plates with isotropic 
elastic properties under axisymmetric behavior. The normal line 
to the middle plane will have two degrees of freedom. These are 
the transverse deflection and rotation of the normal line to the 
middle plane. Thus, two expressions of the governing differential 
equations in terms of the displacements are derived using polar 
coordinates with nonlinear Winkler foundation. The finite 
difference method in polar coordinates was used to solve the 
governing differential equations. Besides, the finite elements in 
polar coordinates are formulated using three node isoparametric 
elements to compare and check the accuracy of the solutions. 
Good agreements are found between these two explicitly different 
and indicate the efficiency of these two methods. 
 
Index Terms— Circular plates, finite difference, finite elements, 
friction, nonlinear Winkler foundation. 

I. INTRODUCTION 
ircular plates are plane elements of constant or variable 
thickness and bounded by two surfaces which are the 
bottom and top faces of the plate and by circular 

transverse edges. They can sustain generalized transverse 
loads by development of bending and twisting moments and by 
transverse shearing in the transverse sections of the plate. The 
behavior of circular plate is axisymmetric or asymmetric. 
Axisymmetric behavior is obtained when the following three 
conditions are fulfilled [1] : 
i - Axisymmetric geometry: 
The surface should have an axis of symmetry passing through 
the centre. Thereby all the cross sections along any radial line 
from the centre are identical and are independent of the 
coordinate (or directional) angleθ . 
ii- Axisymmetric loading : 
The loading pattern also should maintain symmetry about the 
axis passing through the centre. Hence, the loading should be 
independent of θ -direction. The loading is a function of the 
radial distance r only. 
iii- Axisymmetric support condition : 
The boundary or support condition should be identical on any 
radial line. It has to be constant on the curved peripherial line 
along which the support is provided. 

 

     The simplifying assumptions for the classical thin plate 
theory are based on the same assumptions for Euler - Bernoulli 
theory of bending of thin beams [2].  They are :      
1- Plane section before bending will remain plane after 
bending (linear normal strain distribution in a cross section). 
2- Normal lines to the middle plane will remain normal to the 
deflected middle plane (no transverse shearing deformations). 
3- Normal (or direct) strains in the normal lines to the middle 
plane are neglected (no change in thickness). 
4- The deformations are small (linear theory of small 
deformations). 
     The governing equation for the thin isotropic plates is the 
Lagrange - Germain equation [3], Dqw /4 =∇ , where w is 
the transverse deflection of the middle plane, q is the 
transverse load per unit area and ))1(12/( 23 ν−= EhD is 
the flexural rigidity of the plate section per unit width. 
      Reissner [4] and Mindlin [5] developed a theory for thick 
plates by removing assumption 2, thus allowing the normal 
line to the middle plane to rotate independently of the slopes 
of the middle plane (allowing the plates to have transverse 
shearing deformations). Still, the cross section of the plate is 
assumed to remain plane after bending (no warping). The 
transverse shearing strain is assumed constant through the 
cross section. This treatment necessitates the introduction of a 
shear correction factor (c2 = 5/6 for rectangular sections) to be 
used with the transverse shear modulus (effective shear 
modulus c2 G). 
       The behavior of thick circular plates in axisymmetry is 
characterized by two degrees of freedom; the transverse 
deflection of the middle plane w(r) and the rotation ψ (r) of 
the normal to the middle plane in rz-plane. In asymmetry, the 
behavior is characterized by three degrees of freedom; the 
transverse deflection w(r,θ ) and the two rotations rψ (r, θ ) 

and θψ  (r, θ ) of the normal to the middle plane in the 

transverse planes of  rz and θ z respectively. 
     Later, more advanced theories for thick plates have been 
developed that take into consideration compatible transverse 
shearing deformations of the cross sections (not requiring a 
transverse shear correction factor). Schmidt - Levinson theory 
assumes parabolic distribution for the transverse shearing 
strains (with zero values at top and bottom faces) [6, 7]. When 
an effective shear modulus c2 G with c2  = 5/6  is used in 
Reissner - Mindlin theory, the solution will be the same as by 
Schmidt - Levinson theory. 
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Chackravorty and Ghosh [8] developed a finite difference 
method of analysis in polar coordinates for any isotropic thin 
circular plate on semi-infinite elastic foundations and with any 
kind of loading. No assumption regarding the contact pressure 
distribution has been made. The computed results have been 
compared with the available experimental results and rather 
good agreement has been noticed. 

Al-Azzawi [9] extended Mindlin's theory to include 
isotopic and orthotropic thick circular plates under the effects 
of externally distributed moments and shearing forces on the 
top and bottom faces of the plates. These shearing forces due 
to frictional resistances of the supporting foundations produce 
in-plane (or membrane) forces in plates besides externally 
distributed moments. The extensional effects of these in-plane 
forces were considered. The governing (or basic) equations 
were derived and applied to the solution of problems of 
orthotropic thick rectangular plates on elastic foundations with 
both normal and frictional resistances. A normal line to the 
middle plane of the plate is assumed to have five degrees of 
freedom. The finite difference method was used to solve the 
five governing (or basic) equations for orthotropic thick 
rectangular plates on elastic foundations with three types of 
boundary conditions which were the fixed and the simply 
supported edges and the free edges. The results for a plate 
under distributed loadings by the finite difference solutions 
were compared with that by the finite element solutions and 
found to be close especially for large thicknesses. Also, for 
small thicknesses, the solutions were found to be unstable due 
to the shear and membrane locking. 

II. ELASTIC FOUNDATION 
Winkler model for both compressional and frictional 

resistances are used to model the elastic foundations. This 
model assumes that the base is consisting of closely spaced 
independent linear springs, consequently as shown in figure 1. 

 
 
 
 
 
 
 
 

Fig. 1. Simply supported circular plate under external load 
and foundation resistances. 

 
Modulus of subgrade reaction is a conceptual relationship 

between soil pressure and deflection. It can be measured by 
using plate-loading test. Using this test, a load-deflection curve 
is adopted. The modulus of subgrade reaction Kz can be 
calculated using: 
        

w
pK z =                                                                          (1) 

where : 
      Kz     is the modulus of subgrade reaction, 
      p     is the applied pressure and 
      w     is the deflection. 

     The value of Kz is obtained from the concept of tangent 
approach as shown in figure 2. 
 
 

 

 

 

 

 

 

 

Fig.  2. Typical soil pressure-settlement curve. 

There are a wide range of Kz values for different types of 
soil. In the present study, a quasi linearization method or 
iteration procedure to get the value of Kz is used. This 
linearization by iteration method was developed using the 
tangent method as a basic approach. 

In this study, the linear and nonlinear behaviors are 
adopted. The nonlinear behavior is modeled using iterative 
values of Kz. A typical p-w diagram was taken from a plate 
loading test which was carried out on a soil in Baghdad. The 
result of this test is shown in figure 3. The Consultant 
Engineering Bureau in the University of Baghdad had carried 
out this test in Al-Muthana airport [10] 

 
Fig. 3. Plate loading test data [Consultant Engineering Bureau 

/ University of Baghdad]. 

III. ASSUMPTIONS AND GOVERNING EQUATIONS   
The main assumptions are: 

1) Plane cross sections before bending remain plane after 
bending. 
2) The cross section will have additional rotation due to 
transverse shear. Warping of the cross section by transverse 
shear will be taken into consideration by introducing a shear 
correction factor (c2). 

The governing equations of thick circular plates on elastic 
foundations characterized by Winkler model for compressional 
and frictional resistances could be obtained [circular plate with 
uniform subgrade by Al-Azzawi [9]:  
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2 , G is the shear modulus , c2 is the 

shear correction factor (c2 =5/6 for rectangular cross sections 
),h is plate thickness, ψ  is the rotation of the transverse 
sections in rz-plane of the plate, w is the transverse deflection, 
q is the transverse load per unit length, zK  and rK are the 
linear or nonlinear  modulii of subgrade reaction in z and r 
directions and D is the flexural rigidity of the plate. In case of 
the thickness of the plate decreases (thin plate) the shear 
modulus becomes infinite and equation 3 vanishes as 

dr
dw

−=ψ  and equation 2 reduces to the case of small 

deflection of thin plates.  
 

IV. FINITE DIFFERENCE METHOD 
The finite difference method is one of the most powerful 

numerical techniques. In applying this method, the derivatives 
in the governing differential equations under consideration are 
replaced by differences at selected points. These points or 
nodes are making the finite difference mesh. In the analysis of 
axisymmetric circular plates by this method, the differential 
equations at each point (or node) are replaced by difference 
equations. By assembling the difference equations for all 
nodes, a number of simultaneous algebraic equations are 
obtained and solved by Gauss-Jordan method.  

  The radial line of the plate is divided into intervals of (∆r) 
in the r direction as shown in figure 4, assuming (n) to 
represent the number of nodes and (i) the node number under 
consideration. In the finite difference method, the curve profile 
of the plate deflection is approximated by a straight line 
between nodes for the finite difference expressions of the first 
derivatives and by a parabola for the second derivatives [11]. 

 
  

  

  

  

 

 
Fig. 4. Finite difference mesh for the circular plate. 

 

The governing equations are rewritten in finite differences 
and are produced for an interior node (i): 
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The solution of the governing differential equations of 

circular plate must simultaneously satisfy the differential 
equations and the boundary conditions for any given plate 
problem.  

Boundary conditions are represented in finite difference 
form by replacing the derivatives in the mathematical 
expressions of various boundary conditions by their finite 
difference approximations. When central differences are used 
at the boundary nodes, fictitious points outside the beam are 
required. These may be defined in terms of the inside points 
when the behavior of the beam functions are known at the 
boundary nodes.  
 

V. FINITE ELEMENT ANALYSIS 
The finite element method is an approximate method for 

the analysis of plate structures. The basic philosophy of this 
method is that the structures or the continuum is divided into 
small elements of various shapes and types, which are 
assembled together to form an approximate mathematical 
model.  In this paper, the finite element method in polar 
coordinate is used to solve the problems of circular plate 
resting on Winkler type elastic foundations with both normal 
and frictional restraints. The axisymmetric plate bending 
elements are used, each node have two degrees of freedom (the 
deflection w and rotation ψ) as shown in Figure 5 [12].    

 
 

 
 
 
 
 
 

Fig. 5. Axisymmetric plate bending element. 
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The axisymmetric element in local coordinates ξ  has 

three nodes as shown in figure 5. 
 
Each node i in a plane stress element has two degrees of 

freedom. They are wi and ψ . Thus, the element degrees of 
freedom may be listed in the vector (or row matrix): 

 
       { } [ ]T

e www 332211 ,,,,, ψψψδ =  
 

A. Stiffness matrix for the axisymmetric plate bending 
element-[Kp] 

The stiffness matrix for a plate with isotropic elastic 
material is given as: 
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where [D] is given in equation (12) for isotropic elastic 
martial. Numerical integration can be used to evaluate the 
above integration using Gauss-Legendre quadrature rule. 
 

B. Stiffness matrix for the foundation-[Kf] 
For a foundation represented by Winkler model for both 

compressional and frictional resistances, the stiffness matrix is: 
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where iN  are the shape functions for the three node 

axisymmetric element, J  is the Jacobian matrix and zK  and 

rK are the moduli of subgrade reactions in z and r directions. 
 
 

C. Computer program 
In the present study, the computer program (CPNEF) 

(Circular Plates on Nonlinear Elastic Foundations) was 
formed. The program is developed to deal with any boundary 
condition, such as simply supported, fixed, and free-ends solid 
circular plates. In the program, the solution is divided into two 
steps. The first step is to find the governing equations of 
deflections and rotation and then these governing differential 
equations for circular plates on elastic foundation (in terms of 
w and ψ ) are converted into finite differences. After writing 
the finite difference equations for each boundary and interior 
nodes, assembling for these equations must be made to form a 
system of simultaneous algebraic equations. Gauss-Jordan 
method is used in the program to solve the system of equations 
to obtain deflections and rotation at each node. The obtained 
deflections are compared with deflections of the previous 
iteration after changing the value of subgrade reaction and the 
procedure is repeated until convergence is obtained. The 
second step is to find the moment and shear at each node. 
Also, the computer program presented by Hinton and Owen 
[12] is modified in this work to be capable of solving the 
problem of axisymmetric plates on nonlinear elastic 
foundations. Axisymmetric plate bending elements resting on 
Winkler type compressional and frictional foundations have 
been used. The numerical results obtained from the finite 
difference and finite element methods have been compared 
with available analytical results.  
 

VI. APPLICATIONS AND DISCUSSIONS 
 

A. Clamped circular plate  
The problem of clamped circular plate solved by 

Timoshenko. and Woinosky - Krieger  [2] to obtain exact 
solution by (thin and thick plate theories) are considered. The 
same application is solved by using ten three node 
axisymmetric plate bending finite elements and finite 
differences. All information of the plate is shown in Figure 6.  

 
 
 
 
 
 
 
 
 

Fig. 6. Clamped circular plate. 

Figures 7 show the deflection in r-direction for exact and 
the present study numerical, (finite difference and finite 
element methods). The results show good agreements by the 
used methods with percentage difference of 5%.  

2R  

Kz  
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R=2m 
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Fig.7. Deflection curves for clamped circular plate. 

 

B. Simply supported circular plate linear compressional 
Winkler foundation 

The problem of simply supported circular plate resting on 
Winkler foundation solved by Timoshenko. and Woinosky - 
Krieger  [2] to obtain exact solution by    ( thick plate theory) 
is considered. The same application is solved by using ten 
three node axisymmetric plate bending finite elements and 
finite differences. All information of the plate is shown in 
Figure 8.  
 
 
 
 
 
 
 
 
 

Fig. 8. Circular Plate on Winkler foundation. 

Figure 9 shows the deflection profile along r-direction. The 
results show good agreement for the different solutions with 
percentage difference of 3%. 

 
Fig. 9. Deflection curves for simply supported circular plate 

 

C. Free circular plate on linear compressional Winkler 
foundation with different loads 

A plate of (E=20×106 kN/m2, ν =0.15) and having 
a radius of (2m), thickness (h=0.4m) and subjected to a 
concentrated load (P=377.5 kN) at center at the first 
case and a uniform load (q=30 kN/m2) at the second 
case is considered. The plate is resting on linear 
compressional Winkler foundation with modulus 
(Kz=5000.2kN/m3) and this value and other values are 
obtained from plate-load test. This case was analyzed by 
Al-Azzawi [9] by using the finite difference method. In 
the present study, the finite-element method is used to 
solve this problem.  The present study results of 
deflections are plotted together with Al-Azzawi [9] as 
shown in figure 10. The comparison between the two 
solutions show good agreement with percentage 
difference of 3%. 
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Fig.10. Deflection curves for free ends circular plate resting on 

linear compressional Winkler foundation (finite element 
method). 

2R  

Kz  

q=30 kN/m2 
R=2m 
h=0.20m 
E=20*106 kN/m2 
Kz=1000.0 kN/m3 
Kx=0.0 

q 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

69



 

 

VII. PARAMETRIC STUDY 
 

A.  Linear compressional and frictional Winkler foundation 
The same simply supported plate with same properties shown 
in figure 8 is considered here. Figure 11 shows that the 
maximum deflection decreases as the plate thickness increases 
because the stiffness of the plate increases. Figure 12 shows 
that the maximum radial moment increases as the plate 
thickness increases because the stiffness of the plate increases. 
Also, figure 13 shows that the maximum shear increases as the 
plate thickness increases.  

 
Fig. 11. Effect of plate thickness on maximum deflection for 

simply supported plate under uniform load  
(Kr= 0 and Kz =1000 kN/m3). 

 

 
Fig.12. Effect of plate thickness on maximum radial moment 

for simply supported plate under uniform load 
 (Kr= 0 and Kz =1000 kN/m3). 

 

 
Fig.13. Effect of plate thickness on maximum shear for simply 

supported plate under uniform load  
(Kr= 0 and Kz =1000 kN/m3). 

 
Figures 14, 15 and 16 show that as the vertical subgrade 

reaction coefficient increased the maximum deflection, radial  
moment and maximum shear decreased because the stiffness of 
the foundation increases. 

 

 
Fig.14. Effect of vertical subgrade reaction on maximum 

deflection for simply supported plate under uniform load (Kr= 
0 and plate thickness=0.20m). 

 
 

Fig. 15. Effect of vertical subgrade reaction on maximum 
radial moment for simply supported plate under uniform load    

(Kr= 0 and plate thickness =0.20m) . 
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Fig. 16. Effect of vertical subgrade reaction on maximum 
shear for simply supported plate  

under uniform load  (Kr= 0 and plate thickness=0.20 m). 
 

Figure 17, 18 and 19 show that as the horizontal subgrade 
reaction coefficient increased the mid span deflection, mid 
span moment and maximum shear decreased because the 
stiffness of the foundation increases. And the effect is found to 
be small on deflection 

 

 
Fig. 17. Effect of horizontal subgrade reaction on maximum 
deflection for simply supported plate under uniform load (Kz 

=10000 kN/m3 and plate thickness=0.20m). 

 
Fig. 18. Effect of horizontal subgrade reaction on maximum 

radial moment for simply supported plate under uniform load   
(Kz =10000 kN/m3 and plate thickness=0.20m). 

 
Fig. 19. Effect of horizontal subgrade reaction on maximum 
shear for simply supported plate under uniform load       (Kz 

=10000 kN/m3 and plate thickness=0.20m). 
 

B. Nonlinear compressional and frictional Winkler 
foundation 

The same simply supported plate with same properties 
shown in figure 8 is considered. Figure 20 shows that the 
maximum deflection for the linear and nonlinear modulus 
decreases as the plate thickness increases because the section 
flexural rigidity D of the plate increases for both linear and 
nonlinear foundations. 

 
Fig. 20. Effect of plate thickness on maximum deflection. 

Figures 21 and 22 show that the maximum radial moment 
and maximum shear force increase as the plate thickness 
increases also, because the section flexural rigidity D of the 
plate increases for both linear and nonlinear foundations. 
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Fig. 21. Effect of plate thickness on maximum radial bending 

moment. 

 

Fig. 22 . Effect of plate thickness on maximum shear force. 

 
 

VIII. CONCLUSIONS 
 

From this study, the main conclusions are given below: 
 

1. The results obtained from the exact, finite 
difference and finite element solutions check the 
accuracy of the method used in this paper in which 
they are in good agreement. 

2. The effect of plate thickness is significant on the 
results and increasing plate thickness will decrease 
the central deflection and increase the moment and 
shear resistances.  

3. The effect of friction at the plate-foundation 
interface is found to be small on the deflection, 
moment and shear. 

4. The effect of varying vertical modulus of elastic 
foundation on deflection, moment and shear is 
significant. 

5. The obtained results show different values for both 
deflection and bending moment but rather close 
values for shearing force for high values of applied 
loads on the plate, which is resting on linear or 

nonlinear elastic Winkler foundation. The nonlinear 
behavior of soil was obtained by using high-applied 
loads (to make the difference in results much 
obvious). This study shows that the elastic method 
for analyzing plate resting on Winkler foundation is 
still valid for ordinary applied loading on plates. 
The effect of plate thickness on maximum beam 
deflection and bending moment is found to be 
significant but not much on shearing force for 
nonlinear foundations. 
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Abstract.  Due to the development in the digital 
technology, particularly the production of high-
resolution digital  non metric cameras with low 
relatively cost compared to standard cameras so 
this research was selected to calculate the 
internal orientation parameters of the non metric 
camera thus be used for the engineering 
application. 

In this study,  a number of mathematical models 
have been used and then choose the best model 
by computing the root mean square errors, the 
triangulation technique that be  used is the 
bundle adjustment to compute the coordinates of 
targets  prepared for the purpose of self-
calibration of the non metric camera a test is 
done on these targets  by taking  a pair of 
overlapping images and then calculate the 
ground coordinates based on the equations of the 
collinearity   condition equations after adding the 
additional parameters  to the  collinearity 
equations ,which is represented by the  internal 
orientation parameters by using  matlab 
program. 

Introduction 

     Photogrammetry is the art, science, and 
technology of obtaining reliable information 
about physical objects and the environment 
through processes of recording, measuring, and 
interpreting photographic images[1]. Digital 
close range photogrammetry is a branch of 
photogrammetry which has been widely used 
for non-topographic applications in industrial 
and engineering areas with the digital 
technology and corresponding algorithms 

[2].This technique is used when an object to 
camera distance is not more than 300 meter as 
a maximum and a fraction of millimeters as a 
minimum . these limitations are assumed in 
order to distinguish between terrestrial , and 
close range photogrammetry [3]. The close 
range photogrammetry techniques are very 
efficient in practice . most object are 
photographed in less than an hour and the 
remainder work occurs in the laboratory , the 
physical contact with the object is not 
necessary, therefore we can measure features 
that are normally out of reach , the cost is 
generally less than using field survey , and if 
combined with traditional methods the 
technique can cover larger areas or volumes, 
for these reasons the close range 
photogrammetry has a wide range of use[4]. 
Digital close range photogrammetry aims to 
get the best possible accuracy with a certain 
system and image network. This is the required 
by its main applications, like industrial 
measurements, deformation or movement 
analysis, etc. Therefore calibrated cameras 
(cameras with known calibration parameters) 
used to avoid deficiencies but it still expensive. 
The increasing use of digital uncalibrated 
cameras, (cameras with unknown calibration 
parameters) became very popular and common 
in close range photogrammetry [5]. Many 
mathematical models could be used to find the 
interior orientation parameters  
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Mathematical Models   

 The used mathematical model  based on the 

collinearity equations , two forms of additional 

parameters were adopted in this research. The 

form of collinearity equations in  

case of terrestrial photogrammetry is as 

follows[6]: 

 
…………….(1) x=-f*  

�𝑚𝑚11(𝑋𝑋−𝑋𝑋𝑋𝑋)+𝑚𝑚12(𝑍𝑍−𝑍𝑍𝑋𝑋)+𝑚𝑚13(𝑌𝑌𝑋𝑋−𝑌𝑌)
𝑚𝑚13(𝑋𝑋−𝑋𝑋𝑋𝑋)+𝑚𝑚23(𝑍𝑍−𝑍𝑍𝑋𝑋)+𝑚𝑚33(𝑌𝑌𝑋𝑋−𝑌𝑌)

�+∆𝑥𝑥 

y=-f*  

�𝑚𝑚21(𝑋𝑋−𝑋𝑋𝑋𝑋)+𝑚𝑚32(𝑍𝑍−𝑍𝑍𝑋𝑋)+𝑚𝑚33(𝑌𝑌𝑋𝑋−𝑌𝑌)
𝑚𝑚13(𝑋𝑋−𝑋𝑋𝑋𝑋)+𝑚𝑚23(𝑍𝑍−𝑍𝑍𝑋𝑋)+𝑚𝑚33(𝑌𝑌𝑋𝑋−𝑌𝑌)

�+

∆y … … … … … … … … … … … … … … … . (2) 

x, y: the image point coordinates. 

X, Y, Z: the object point coordinate. 

XL, YL, ZL: the coordinates of the exposure 

station in the object space system. 

f: the camera focal length. 

m's: the elements of rotation matrix. 

∆𝑥𝑥 = ∆𝑥𝑥Rradial lens distortion+∆𝑥𝑥Rdecentric lens 

distortion+∆𝑥𝑥Raffine deformation+ect… 

∆𝑦𝑦 = ∆𝑦𝑦Rradial lens distortion+∆𝑦𝑦Rdecentric lens 

distortion+∆𝑦𝑦Raffine deformation+ect… 

The first adopted model that used to compute 
the interior orientation parameter is Moniwa 
1977 [8]. 

∆𝑥𝑥Rp =drx+dpx+dgx … … … … … … … … . . (3)     
 

∆𝑦𝑦Rp =dry+dpy+dgy … … … … … … … … … (4) 

drx=(x-xo)(k1r2+k2r4+k3r6)….………….(5) 

dry=(y-yo)(k1r2+k2r4+k3r6) ……….……(6) 

dpx=p1(r2+2(x-xo)2)+2p2(x-xo)(y-yo)…..(7) 

dpy=p2(r2+2(y-yo)2)+2p1(x-xo)(y-yo) ….(8) 

dgx=A(x-xo) ……………………..……(9) 

dgy=B(y-yo) ………………………….(10) 

The second adopted model is Ebner 1976 [9]. 

∆𝑥𝑥 =a1x+a2y-a3(2x2 -4r2/3)+a4xy+a5(y2-
2r2/3)+a7x(y2-2r2/3)+a9y(x2-2r2/3)+a11(x2-
2r2/3)(y2-2r2/3) ………………………(11) 

∆𝑦𝑦 =a1y+a2y+a3xy –a4(2y2 -4r2/3) +a6(x2-
2r2/3)+a8y(x2-2r2/3)+a10x(y2-2r2/3)+a12(x2-
2r2/3)(y2-2r2/3) ………………………(12) 

Experimental work 

        This research aims to compute the 

additional  parameters  that  are used to 

calibrated the digital non metric camera  

according to the following steps 

1. Preparing the test filed by fixing a 

targets on a white wall in order to 

establish the self calibration process.    

2. Selecting a base line with  a length of 

1.5 m. 

3. Measuring the local 3D coordinates of 

control points and check points 

(targets) in the study area with the aid 

of Topcon total station ES 105. 

4. Using  Nikon D5200 camera  to take a 

stereopair for the targets with overlap 

equal to 100% . 

5. Measuring the digital photo 

coordinates by using ERDAS 

program.  

6. Using affine transformation to 

transform the digital photo 

coordinates to the principle point 

(p.p.) system. 

7. Using a program in MATLAB 

language to compute the additional 

parameters for the adopted 

mathematical models.   

The target points were precisely measured by 

using Topcon total station ES 105. A base line 

of 1.5 meters has been chosen with two end 
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stations A and B. The 3D coordinates of 

station A assumed locally to be (1000, 1000, 

100) meter, then the total station has been 

mounted on A and back sight on B, the 3D 

coordinates of the 30 target points have been 

measured directly by the total station ,these 

coordinates in meters have been listed in table 

(1) 

 

Table 1. The measured object coordinates of the control points 

Z Y X Point NO. 
101.3278 1000.8586 997.9533 1 
101.3276 1001.2710 997.9519 2 
101.3322 1001.6917 997.9485 3 
101.3309 1002.0996 997.9441 4 
101.3280 1002.5080 997.9426 5 
101.5291 1000.8632 997.9569 6 
101.5308 1001.2704 997.9533 7 
101.5329 1001.6901 997.9486 8 
101.5304 1002.0924 997.9462 9 
101.5211 1002.4934 997.9420 10 
101.7315 1000.8695 997.9563 11 
101.7285 1001.2593 997.9521 12 
101.7382 1001.6911 997.9504 13 
101.7356 1002.0998 997.9474 14 
101.7292 1002.5021 997.9422 15 
101.9325 1000.8657 997.9545 16 
101.9372 1001.2708 997.9518 17 
101.9385 1001.6953 997.9476 18 
101.9417 1002.0977 997.9394 19 
101.9325 1002.4988 997.9319 20 
102.446 1000.8794 997.9581 21 

102.1431 1001.2777 997.9527 22 
102.1410 1001.7038 997.9491 23 
102.1394 1002.0944 997.9420 24 
102.1362 1002.5117 997.9355 25 
102.3252 1000.9088 997.9547 26 
102.3395 1001.2823 997.9517 27 
102.3451 1001.6938 997.9463 28 
102.3389 1002.0816 997.9424 29 
102.3439 1002.5625 997.9348 30 

 

The  targets points  have been captured by 
using (Nikon D5200) digital camera ,by taking  

a stereopair of photos to the targets which are 
illustrated in figure(1) 
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The photo coordinates have been measured by 

using  Erdas  program as a pixel location (row, 

column) of all the targets in the stereopair, The 

pixel locations must be transformed to the 

principle point (p.p.) system by using affine 

transformation in a prepared matlab program . 

The transformed photo coordinates have been 

listed in table (2). 

Table 2. The photo coordinates in the principle point system. 

Right photo 
 Left photo Point No. 

y mm x mm y mm x mm 
- 86.2677 62.8967 - 83.9820 156.3608 1 
- 86.1336 - 4.5017 -84.9210 4.5017 2 
- 84.9990 -61.6227 - 84.4130 - 61.6227 3 
- 84.6839 - 108.0111 - 84.5692 -108.0111 4 
- 84.4807 - 147.5162 - 84.4239 - 147.5162  5 
- 47.8218 60.6090 - 45.9710 60.6090 6 
- 50.6773 - 4.8038 - 44.9580 - 4.8038 7 
- 52.9391 - 60.9822 - 43.4656 -60.9822 8 
- 55.3071 - 106.5143 - 42.6648 -106.5183 9 
- 58.2544 - 145.1010 - 43.1808 - 145.1010 10 
- 10.4730 58.2384 - 8.7869 58.2384 11 
- 16.9913 - 3.3182 - 7.2724 3.3182 12 
- 21.0255 - 60.8070 - 2.9672 - 60.8070 13 
- 21.9139 - 106.4740 - 1.0129 -106.4740 14 
- 30.5046 - 144.5699 0.0986 - 144.5699 15 
25.6776 57.7464 26.9830 57.7464 16 
15.7806 - 4.4151 29.5380 - 4.4151 17 
8.0140 - 60.2685 33.6550 - 60.2685 18 
1.8077 - 104.6371 37.5650 - 104.6371 19 

- 5.0298 - 142.5013 38.9915 - 142.5013 20 
60.4415 54.8762   62.0200 54.8762 21 
48.6648 - 5.7495 66.4895 5.7495 22 
37.8114 - 60.7923 71.1792 - 60.7923 23 
29.1187 - 103.4097 75.0948 - 103.4097 24 
20.8974 - 142.5377 78.6953 - 142.5377 25 

Figure 1. Stereopair of photos for the target points 
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89.2616 49.2285 92.2519 49.2285 26 
78.8020 - 6.5393 100.2138 - 6.5393 27 
67.0987 - 58.7537 106.8686 - 58.7537 28 

- 670.2072 905.5767 111.1501 - 101.0520 29 
- 723.8511 675.3047 116.9147 - 140.1982 30 

 

The two adopted models were applied to 

compute the interior orientation parameters 

and this process has been done by preparing a 

program in matlab language. Ten check points 

were selected to validate the resulted accuracy 

after adding the two adopted model to the 

collinearity equations by determining the 

RMSE. 

RMSE of the check points after adding 
Moniwa model  which was found to be about 
0.0017m as shown in Table (3) 

Table 3. The RMSE of the check points after adding Moniwa model   

 
The three dimensional coordinates of the same 
ten check point have been computed after 
adding the second model (Ebner model) to the 

collinearity equations ,the RMSE in this case 
was 0.0022m and the obtained results listed in 
table (4). 

 
Table 4. The RMSE of the check points after adding Ebner model.    

 

Point no. 
 

X(m) Y(m) Z(m) dX(m) dY(m) dZ(m) 

1 997.9525 1000.8586 101.3250 -0.0008 0.0013 0.0015 
2 997.9533 1001.2710 101.3249 -0.0012 0.0015 0.0011 
3 997.9475 1001.6917 101.3300 0.0010 0.0012 0.0010 
4 997.9431 1002.0996 101.3285 0.0010 0.0009 0.0015 
5 997.9445 1002.5080 101.3250 -0.0009 0.0013 0.0017 
6 997.9560 1000.8632 101.5280 -0.0009 0.0003 0.0008 
7 997.9527 1001.2704 101.5295 0.0006 0.0008 0.0005 
8 997.9480 1001.6901 101.5316 0.0006 0.0008 0.0005 
9 997.9455 1002.0924 101.5293 0.0007 0.0004 0.0007 
10 997.9412 1002.4934 101.5200 0.0008 0.0003 0.0008 

    RMSEX= 
0.0009 

RMSEY= 
0.0010 

RMSEZ= 
0.0011 

 
Point no. 

X(m) Y(m) Z(m) dX(m) dY(m) dZ(m) 

1 997.9510 1000.8555 101.3235 0.0015 0.0015 0.0015 
2 997.9520 1001.2700 101.3230 0.0013 0.0010 0.0019 
3 997.9465 1001.6900 101.3150 0.0015 0.0017 0.0015 
4 997.9420 1002.0980 101.3270 0.0011 0.0016 0.0015 
5 997.9430 1002.5070 101.3235 0.0015 0.0010 0.0015 
6 997.9550 1000.8620 101.5270 0.0010 0.0012 0.0010 
7 997.9520 1001.2700 101.5285 0.0007 0.0004 0.0010 
8 997.9470 1001.6886 101.5310 0.0010 0.0015 0.0006 
9 997.9445 1002.0910 101.5280 0.0010 0.0014 0.0013 
10 997.9400 1002.4920 101.5190 0.0012 0.0014 0.0010 

    RMSEX= 
0.0012 

RMSEY= 
0.0013 

RMSEZ= 
0.0013 
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In photogrammetry the standards to select the 

best method was by determining the RMSE of 

each mathematical model, from the obtained 

results of tables(3) and (4)  it can be concluded 

that the first model (Moniwa model) gives the 

minimum RMSE with respect to the second 

model  (Ebner model). 

 

Conclusions  

From the  results obtained by this research it 

is concluded that  the two adopted models give 

a good accuracy which is suitable for many 

engineering  applications . From the 

comparison between the RMSE of the two 

mathematical model it is concluded that 

Moniwa model gives a better accuracy than 

Ebner model, therefore the  non-metric  

camera that is immediately available 

considered  an efficient instrument in close 

range photogrammetry which can save   cost, 

where it cheaper than metric camera but it 

need more calculations for the calibration 

process. 
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Abstract—The moment distribution factor of horizontally 

curved composite bridges has been derived from finite elements 
analysis. For each model series, the full data are given together 
with model results, and comparison is made with international 
AASHTO code in order to show the validity of the empirical 
equation derived from model results. The parameters included in 
the present study are the span to radius ratio, center to center 
spacing of the girders and span length of composite bridge. 
Empirical equation derived from models was developed to 
predict the moment distribution factor and show close agreement 
as compared with codes 
Key words: Structural Engineering, Composite Bridge, girder 
Moment Distribution Factor, Shear Stud. 
Notation 
 
The following symbols are used in this paper: 
GDF: Girder Moment Distribution Factor. 
I: Moment of Inertia of the Composite Cross Section. 
L: Span Length of bridge. 
R: Radius of bridge. 
S: Girder Spacing; 
X: Cross Frames (diaphragm). 

I. INTRODUCTION 
enerally, bridges can be constructed either entirely 

from reinforced concrete, pre-stressed concrete, steel or 
from composite concrete deck-steel girders. In the past, 
alignment of the curved bridges is provided by straight girders 
on chords that meet the required curvature. Curved steel 
girders are used where the curvature and complex geometries 
are required, and these types of girders have permitted greater 
span and fewer piers [1]. 

        The curved I-shaped plate girders used in bridges with 
curved alignment are subjected to forces that cause significant 
distortion of the cross section during construction and 
application of live loads. Furthermore, the simple addition of 
curvature reduces the vertical bending stiffness, increases 
deflection nonlinearities, and changes stability characteristics 
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of behavior. The subject needs more researches to study the 
parameters affecting this behavior..  

The main advantages of curved steel I-girders are: 
1. Simplicity of fabrication and construction, 
2. Less land is needed during erection, 
3. Shallower sections can be designed, 
4. Impose lighter weight on bridge foundation when 

compared with that of precast /pre-stressed beams or 
segmental pre-stressed concrete box girder deck. 

5. Excellent serviceability performance. 
 
To ensure safety in bridge design, the live loads that the 

structure is likely to be subjected to during its lifetime must be 
modeled correctly. Unfortunately, a bridge may be subjected 
to an infinite number of combinations of live loads. To 
simplify this problem, bridge specifications, such as AAHSTO 
Standard specifications for highway bridges [2], and the 
AASHTO LRFD bridge design specifications [3], have come 
up with some notional design trucks and distributed loads that 
can be combined and arranged to theoretically maximize each 
force that must be considered (i.e., positive moment, negative 
moment, and shear). These maximum forces are regarded as 
upper bounds to the forces a bridge is likely to be loaded with 
over its lifetime. Once these loads are found, the designer 
must distribute the loads laterally throughout the bridge’s slab 
and girders. The total load on the bridge is multiplied by a 
girder distribution factor (GDF) to get the fraction of the total 
load that should be applied to each beam. The distribution of 
load in a bridge depends on such things as the materials used, 
the stiffness of the cross-section, the shape of the cross 
section, girder spacing, number and location of diaphragms. 
Simple empirical equations found in bridge codes are the most 
common means used in the design office to approximate the 
lateral distribution of loads on a bridge. Since empirical 
equations offer only an approximate analysis, they should be 
more conservative, and therefore result in larger member 
sizes, than a more exact analysis such as a finite element 
model. Ideally, the empirical equations should give accurate 
results with a reasonable level of conservatism to balance time 
saved on design and money spent on larger bridge members. 
The purpose of this research is to investigate the behavior and  
suggest an empirical equations to calculate the (GDF), girder 
distribution factors for a horizontally curved composite simply 
supported bridges for different locations of girders,( interior, 
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COMPOSITE BRIDGES 
Dr. Eyad Kadhem Sayhood  and  Ibtihal Fadhil Ali 
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middle and exterior girders),  as a function of center to center 
girders spacing, bridge curvature and the bridge span. 
Comparing the results from the suggested empirical analyses 
resulting from a finite element model with AASHTO code 
shows a close agreement. 

 

II. AASHTO STANDARD SPECIFICATIONS [2] 
The AASHTO standard specifications have used empirical 

distribution factor equations for straight bridges and are 
updated when new research is available, since 1931. The 
equations remained basically unchanged until 1996, when 
AASHTO published their new LRFD bridge design 
specifications. The old standard specifications call for 
calculating the distribution factors for most cases based only 
on beam spacing. The equations are very simple and easy to 
apply. Most of the equations are in the form (S/A), where S is 
the beam spacing and A is a constant that varies according to 
the bridge type. Many researchers found that major drawback 
to the standard specifications: most of the formulas are based 
only on the beam spacing and do not take into account any 
other parameters such as span length, lateral stiffness, lane 
width, or overhang width. Later editions of the standard 
specifications included more accurate equations that take into 
account more bridge parameters for calculating distribution 
factors for a few bridge types.. 

III. AASHTO LRFD – 2012 BRIDGE SPECIFICATIONS [3] 
The distribution factor equations for straight bridges in the 

AASHTO LRFD - 2012 bridge specifications were developed 
as a result of an extensive finite element model study done by 
Zokaie et al [4]. They take into account many more parameters 
than the standard specifications. They also have more 
extensive correction factors for skewed bridges and bridges 
with diaphragms, as well as additional dimension limits. 

IV. OBJECTIVES AND SCOPE  
Because testing of in-service bridges requires extensive 

resources and prediction models developed from field tests are 
limited to the particular geometry of the tested bridge, the 
present research employs a numerical approach (3-D Finite 
Element Approach). All numerical analyses were conducted 
within a geometrically linear range and excluded material 
nonlinearity [5]. To reduce the number of numerical analyses 
that were performed, the present study involved limited 
independent parameters and a fixed bridge cross section. The 
chosen composite bridge cross section consisted of a simply 
supported, with different curved girder steel superstructure 
supporting a concrete slab which contained different traffic 
lanes. The cross section has no super-elevation of the deck and 
no vertical curve was included along the span because it was 
not expected to significantly affect the GDF. The standard 
HS_20 truck load model was used in conjunction with 
multiple presence factors that are included in analysis and 
preliminary design 

 

V. PRELIMINARY STUDIES TO DETERMINE SCOPE  
 Design parameters expected to influence radial distribution 

of moment were investigated to establish key parameters. The 
effect of continuous concrete parapets, concrete deck 
thickness, flanges width and flanges thickness were evaluated 
and determined to have very small or insignificant influence 
on the radial distribution. These parameters were, therefore, 
excluded from the parametric study. The key parameters 
determined by the present study were bridge radius, girder 
spacing, and bridge span length. The range of the three 
selected key parameters is presented in Table (1), resulting in 
(54) cases for the parametric study. Concrete deck thickness 
was modeled consistently in each of the numerical models 
used in the parametric study. In addition, (X), type cross 
frames (diaphragms) and a constant concrete deck overhang 
length were modeled in each of the (54), cases. 

 
The primary objectives of the present study are to:  
1. Verify the relationship of key parameters (i.e. span 

length, curvature, and center to center girder spacing) and 
GDFs using a parametric study and statistical analysis. 

2. Develop new, approximate GDF equations to predict live 
load radial moment distribution in horizontally curved 
composite bridges,(i.e. for interior, middle and exterior girders 
of  bridge). 

 
Figures (1 and 2), show the cross-section of a composite 

concrete steel I-girder bridge and plan of the steel girder 
arrangement. The maximum total bending of a curved girder is 
composed of strong-axis bending and weak-axis warping 
normal stresses. The parametric study included radius, span 
length, and girder spacing. The influences of other parameters 
on GDFs, such as parapets, girder flange width, and deck 
thickness were also investigated. These parameters were found 
to insignificantly influence GDFs and were excluded from the 
GDF equations.  To investigate the influence of radius of 
curvature on GDFs, small, medium and large radius were 
selected. AASHTO Guide 1993, suggested four ranges of 
radius corresponding to different cross frame spacing's:  less 
than 61 m  , (61–152 m), (152–305 m) and  larger than (305 
m), the present study in medium range. The span length range 
of practical single-span curved steel I-girder bridges generally 
ranges from (15 to 35 m). Therefore, the present study adopted 
15, 30, and 35 m spans. Bridge layout and cross sections used 
in present study are shown in Figures (1, 2 and 3). 
 

VI. TRUCK POSITION 
To determine the maximum response of the modeled 
horizontally curved bridges to the selected live load model, 
critical truck positions must be determined. For the present 
study, HS-20 trucks or equivalent lane loads were applied to 
the numerical model based on bridge width. Each wheel line 
or lane load was assumed to conform to the bridge curvature 
to be on the same curvature because a line of real truck wheels 
has a similar curvature to the curved bridge. HS-20 loadings 
were systematically placed at (305 mm) distance from the 
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outside girder. The determination of truck positions for 
maximum girder response accounted for both bending and 
warping normal stresses in the flange of the outside girder. In 
most cases, the truck position producing maximum bending 
normal stress was in agreement with maximum total bending 
plus warping normal stress. In the cases where the truck 
position producing maximum bending normal stresses was 
different from the position producing the maximum total stress 
and for the truck position along the arc, an influence line 
analysis was used. The expected maximum bending normal 
stress point on the girder, based on a straight girder analysis, is 
under the mid-axle located at distance from the bridge mid-
span. The location of the actual, curved girder maximum total 
normal stress was not coincident with this location. The 
maximum total normal stress for the studied curved girders 
was strongly related to the cross frame locations because 
severe normal stress changes were observed at the cross-frame 
locations. Therefore, the maximum normal stress of curved 
girder response was collected at any points that produced the 
maximum total normal stress 
 

VII. FINITE ELEMENT MODEL 
In this study, the finite element model was used to 

determine the transverse truck positions that maximized girder 
distribution factors for moment so that the live-load test could 
be developed. The model was loaded with all possible 
transverse combinations of the AASHTO HS-20 design truck 
or equivalent lane load at the longitudinal positions that 
maximized moment. 

The finite element modeled using the structural analysis 
software, SAP2000. The three-dimensional model included 
shell elements to represent the girders, deck, and shear stud 
connectors along the top of steel beam to model composite 
action.  Diaphragms were modeled using frame element. The 
shell elements along girders were divided according to span 
and curvature. Also, shell elements are used to model web and 
flanges of steel girders. Stud shear connectors with (22 mm) in 
diameter with center to center spacing along the girder 
selected so that there is a very small slip. The deck slab 
thickness (ts) is taken as 230 mm. figure (3) show cross 
section dimensions of the steel girders. 

 
Composite Bridge Configurations  
       Figure (1) shows the details of the typical composite 

deck steel I-girder bridge cross-section used in this study. X-
type cross-bracings with top and bottom chords are utilized in 
this study. These bracings are spaced at equal intervals 
between the support lines and are made of single steel angles 
dimensioned L (75X75x6) mm and of 900 mm2 cross- 
sectional area. Typical plan of straight and curved girders with 
the distribution of the transverse bracings are shown in Figure 
(2).  The study is based on the following assumptions: 

 1 -The reinforced concrete slab deck has composite action 
behave as full interaction with steel member. 

2- The bridges are considered along with simply supported 
boundary conditions. 

3- The material is linearly elastic & homogeneous 

4. The effect of road super-elevation, and curbs are 
neglected. 

5- Curved bridges have constant radius of curvature 
between support lines. 

 
Other bridge configurations are listed below 
*  The deck slab thickness (ts) is taken as 230 mm 
* The deck slab width (Ws) is taken equal to the total bridge 

width minus 1.0m to consider the parapet thickness of 0.5 m 
on each side of the bridge 

 * Two headed shear stud connectors with 22 mm in 
diameter are designed, so that the behavior is full interaction 
(very small slip). 

* The depth of the girder webs is taken (0.04 L) of the 
center line span [3]     

* The girder web thickness is considered equal to 15 mm                                  
* The bottom and top steel flanges width and thickness are 

300 mm, and 18 mm, respectively for L=15m,30 m and the 
bottom and top steel flanges width and thickness are 300 mm 
and 40 mm respectively for L=35 m. 

Where, L is span length of bridge. 
 
Boundary Conditions          
The bridge supports are modeled in this study so that the 

lower nodes of the web ends are restrained against translation 
in such way to simulate temperature-free bridge 
superstructure. The interior support at the right end (as shown 
in Figure 2) of the bridge is restrained against movements in 
all directions. The middle supports and the exterior support at 
the same right end of the bridge are restrained against the 
vertical movement and against the movement in y-direction 
(towards the bridge longitudinal direction). On the other end 
of the bridge (left end), all the supports are restrained only 
against vertical movement, except for the interior support 
which in addition to the vertical restraining, it is restrained in 
x-direction (towards the bridge transverse direction) [6]. 

 
Calculation of the Moment Distribution Factors  
            To determine the moment distribution factor (GDF) 

for curved girder, the maximum flexural stresses, (σ str) LL,    
(σ str) DL are calculated for a straight simply supported beam 
subjected to AASHTO loading,. The span of the straight 
simply supported girder is taken as the curved length of the 
bridge centerline. From the finite-element analysis, the 
maximum longitudinal moment stresses along the bottom 
flange for dead load and fully live loaded lanes are calculated. 
Consequently, the moment distribution factors (GDF) are 
calculated as follows; [6] 
For Exterior girders: 
 

(GDF)DL.e=(σFEe)DL/(σStr)DL                         
 (1)  

(GDF)FL.e=(σFE.e)FL*N/ ((σ Str)LL * n)            (2) 
For Middle girders: 
(GDF)DL.m=(σFE.m)DL/(σStr)DL                       

 (3) 
(GDF)FL.m=(σFL.)FL*N/ ((σ Str)LL * n)           
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   Table (1) Bridge Configurations Considered in the Parametric Study 
Span 

of 
bridge 
(meter) 

L 

No. of 
girders 

(N) 

Girder 
Spacing(S) 

(meter) 

No. 
of 

lanes 
(n) 

Span to 
Curvature 
ratio (L/R) 

Bridge 
Width 
(meter) 

Deck 
Width 
(meter) 

Ws 

15 

3 2.5 2 0,0.2,0.3 7.5 6.5 
3 3 2 0,0.2,0.3 9 8 
4 2 2 0,0.2,0.3 8 7 
4 2.5 2 0,0.2,0.3 10 9 
4 3 3 0,0.2,0.3 12 11 

5 2 2 0,0.2,0.3 10 9 

30 

3 2.5 2 0,0.2,0.3 7.5 6.5 
3 3 2 0,0.2,0.3 9 8 
4 2 2 0,0.2,0.3 8 7 
4 2.5 2 0,0.2,0.3 10 9 
4 3 3 0,0.2,0.3 12 11 
5 2 2 0,0.2,0.3, 10 9 

35 

3 2.5 2 0,0.2,0.3 7.5 6.5 
3 3 2 0,0.2,0.3 9 8 
4 2 2 0,0.2,0.3 8 7 
4 2.5 2 0,0.2,0.3 10 9 
4 3 3 0,0.2,0.3 12 11 
5 2 2 0,0.2,0.3 10 9 

 

 (4) 
 
For Interior girders 
 (GDF)DL.i=(σFE.i)DL/(σStr)DL             (5) 
(GDF)FL.i=(σFE.i)FL*N/ ((σ Str)LL * n)       (6) 
 
 
Where, (GDF) DL and (GDF) FL are the moment distribution 

factors for dead load and fully live loaded lanes, respectively. 
The symbols e, m, and i refer to the exterior, middle, and 
interior girders, respectively. (σ FE. e)DL  and (σ FE. e)FL  are 
the maximum longitudinal stresses which are the greater at 
bottom flange points 1 and 3, as shown in Figure (3), found 
from the finite-element analysis for the exterior girder due to 
dead load ,and fully live loaded lanes,  respectively. In the 
same criteria, (σ FE.m)FL  , (σ FE.i)FL  are the maximum 
stresses which are the greater of points 1 and 3 but for the 
middle and interior girders under the same above types of 
loading. While (n) and (N) are defined as 

 
n: number of design lanes, as listed in Table (1) 
N: number of girders 
 
Figure (4) shows view from the SAP2000 finite-element 

models for 3- girder curved bridge. In this study the stresses 
and deflections for exterior, middle and interior girders are 
determined, and then the moment distribution factors are 
calculated when the external loads (live loads) are truck or 
lane loading. Deflections and stresses for each girder are 
determined also for dead load including wearing load. 

Results of stresses and deflections of girders for each load 
case are obtained using the program (SAP 2000). A computer 
program is built in this study using Visual Basic to 
determining the moment distribution factors (GDF). 

      
 The GDFs are calculated  based on finite elements analysis 

results taking into account all variables mentioned above and 
then a regression nonlinear analysis results by SPSS software 
to develop the empirical equations below for interior, mid and 
exterior girders. 

 
      
 
 
 
 
 
 
 
Comparison of AASHTO to the Finite Element Model. 
After the accuracy of the finite element model had been 

assessed, the model was loaded with combinations of the 
AASHTO design truck. First, the bridge was loaded with all 
possible positions for one truck. Then it was loaded with all 
possible combinations of trucks placed side by side. The 
process was repeated for up to three trucks for which there 
was only one possible combination. According to the Table 

(3.23.1) – AASHTO – 1996, the distribution of wheel loads in 
longitudinal direction is: 

 

 
 
Discussion of Results 
Types of loading, materials properties and parameters are 

presented in Tables (2, and 3). Geometry of each element of 
composite bridge is calculated and preliminarily designed. 
Materials properties are assumed but matching the 
requirements of AASHTO.  

Table (4) compares the AASHTO code predictions to the 
girder distribution factors found using the finite element 
model. The table shows that the standard specifications results 
are closed with the results of predicted equation and they are 
conservative. Mean value, standard deviation, variance and 
coefficient of correlation are presented. Figure (5) show the 
compared results from present study with AASHTO. 

 
Parametric Study 
To ensure that the real performance of composite bridge and 

how each parameter effect on GDF (interior, middle and 
exterior), a parametric study is carried out to show the effect 
of several parameters such as curvature, span length and girder 
spacing. Figures (6,7 and 8), show the GDF for various span 
girders with types of loading. 

 
 
 

)7()
R
L(4.0)

6764.1
S(672.1GDFin −=

)8(GDF142.1GDF inmid =

)9(GDF464.0GDF inext =
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Table (2) Types of Loading 
Type of Loading Values 
Dead load Self weight for members + weight of 

asphalt with 100mm thick. 
Live load HS-20  
Lane load UDL =9.4 kN/m with concentrated 

load=80 kN 
 
       Table (3) Material properties 

Concrete Values 
           EC 23500 MPa 

            ν 0.15 
           fc

’ 25 MPa 
Steel  
           Es 200000 

MPa 
            ν 0.3 

 

 

 
 
 
 
 
 
 

Figure (1) Cross-Section of a Composite Concrete Steel I-
Girder Bridge 

 
 
 
 
 
 
 
 

a): I-Girder with Radial Cross-Bracing (Curved) 
 

Figure (2) Plan of the Steel Girder Arrangement 
 
 

 
 
 
 
 

 
 

 
 
 
 
 
 
 
 
 
 
 

 
a) For L=15m & 30m                       b) For L=35m 

Figure (3) Cross-Section Dimension of the Steel Girders 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure (4) View from the SAP2000 Finite-Element Models for 
3- Girder  Curved Bridge. 

 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 
 
 
 
 
 
 
 

Table (4) Present compression with AASHTO. 
 
AASHTO [2] Present 

Study 
Equation (7) 

Equation 
(7) 
/AASHTO 

1.193032689 1.193 1 
1.491290861 1.49 0.999 
1.789549034 1.789 1 
Mean   1 
Standard deviation   4E-04 
variance   2E-07 
Coefficient of correlation R   1 
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Figure (5) compared of AASHTO GDF with present study. 

Figure (6)  GDF-interior full live loading for various span. 

Figure (7)  GDF-mid full live loading for various span. 

Figure (8)  GDF-exterior full live loading for various span. 

VIII. CONCLUSIONS AND RECOMMENDATIONS

Calculation of accurate distribution factors for design live 
loads is very important to bridge design. The design values 

need to be close to actual values for bridges to be designed as 
economically as possible, while still remaining safe. If 
distribution factors are too large, bridge members will be 
designed for larger loads than they will ever actually carry, 
and the cost of the bridge will unnecessarily increase. On the 
other hand, if distribution factors are too small, bridge 
members may be under design. This will result in unsafe 
bridges that will experience serviceability problems, which are 
also expensive to rectify. Designers need to have accurate 
empirical equations that will give them reasonable results in a 
short amount of time in their bridge design codes. Otherwise, 
attaining accurate distribution factors will require a great deal 
of time in the creation and analysis of detailed computer 
models. The finite element model presented in this study 
proved to be quite accurate when compared to the AASHTO 
specification. The finite element model was within 99% for 
predicting interior girder moment distribution factors. Because 
the finite element model was proven to provide an accurate 
simulation, it was loaded with the AASHTO design truck to 
predict maximum girder distribution factors.  The following 
conclusions were drawn: 

• The AASHTO specifications predictions of girder
distribution factors were accurate or conservative when 

compared to the finite element model for all girder distribution 
factors. 

• The present study gives empirical predictions for moment
distribution factors for horizontally curved composite bridge 
including the effect of the main parameters (curvature ratio, 
span length and center to center girders spacing).APPENDIX 
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Abstract— Machine foundations require special attention of a 
foundation engineer. In some cases, if changes in size of the 
foundation and mass do not lead to a satisfactory design, a 
machine foundation surrounded by diaphragm walls may be used. 
The Finite element method is one of the most popular numerical 
methods used for obtaining an approximate solution for complex 
problems in various fields of engineering. 
In this paper, 3D finite element model is used to investigate 
displacement response and acceleration of machine foundation to 
resting on cohesionless soils and surrounded by diaphragm walls. 
The effective distance of diaphragm wall to width foundation, on 
the displacement response of machine foundation is calculated. 
Many tests are conducted to determine vertical and horizontal 
displacement and acceleration of machine foundation surrounded 
by diaphragm wall within different diaphragm walls depth (D/B) 
ratio (diaphragm walls depth to foundation width) ranged 
between (0.0-3.0). The analysis of machine foundation is 
performed for foundation rests on finite isotropic elastic 
homogenous soil. The results indicate that, the dynamic response 
(displacement and acceleration) generally decreases with 
increasing of diaphragm walls depth .In addition, the increase in 
distances between diaphragm wall and width of foundation will 
lead to decrease in the vertical displacement and vertical 
acceleration, but the horizontal displacement and horizontal 
acceleration will be increased in same case. The maximum 
amplitude of displacement and acceleration of foundation under 
dynamic loads can be occurred in loose sand in comparison with 
the other types of sand. 
Index Terms— dynamic analysis; finite element method; 
diaphragm wall; machine foundation surrounded by diaphragm 
wall; skirted foundation, send a blank e-mail to 
ahmeedsameerabd@gmail.com  

I. INTRODUCTION 
achine foundations are one of the most important 
features of industrial structures. Industrial facilities like 

power plants, steel plants, petrochemical complexes, fertilizer 
plants etc., consist of a number of centrifugal and reciprocating 
machines and these play an important role to ensure smooth 
operation of the process and that the output product is of right 
quality. If any of these equipments starts malfunctioning or 
breaks down due to excessive vibration or settlement of the 
foundations, cascading effect on the overall performance on 
engineering could be catastrophic at times [7].               

Ahmed Sameer Abdulrasool is with Building and Construction 
Engineering Department, University of Technology, Bagdad, Iraq     
(e-mail: ahmeedsameerabd@gmail.com). 

Several methods used to decrease the displacements of 
foundation have been proposed. One of these methods is used 
diaphragm walls.  
Diaphragm walls provide rigid, cost effective solutions for 
permanent retaining walls and shafts, with less construction 
joints than bored pile walls. Compared to other wall types, 
diaphragm walls are considered to be very stiff with respect to 
ground movement control [8]. 
In general, solving this problem by classical analytical 
methods is very difficult. The finite element method (FEM) is 
a numerical approach by which these partial differential 
equations can be solved approximately. This paper examines 
the effect of diaphragm walls on machine foundations using 
3D finite element modeling by Open System for Earthquake 
Engineering Simulation (OpenSees). The program is using a 
Tool command language (Tcl). This program is originally 
produced by University of California. The mandal and 
Roychowdhury [14] presented the central response of the 
square raft under the step loading of 100 kN for different depth 
to width ratios. It was observed that the increase in the depth 
of embedment yields response of lesser amplitude and higher 
frequency. 
Makhmalbaf et al. [13] considered two cases to investigate the 
effect of foundation embedment. First, the structure was 
considered as a model with surface foundation (i.e., without 
embedment) which was influenced by the excitation with 
different frequencies and then foundation was considered as 
completely embedded. In the second case, just the foundation 
was embedded in the soil. It was concluded that the foundation 
embedment is a positive feature, because it can decrease the 
roof displacements in all frequencies of incident motion and 
also have a similar behavior in lower frequencies for 
displacements beneath the foundation. In higher excitation 
frequencies, embedding the foundation increase the 
displacements. This reveals that the filtering effect of SSI is 
not resulted from foundation embedment and therefore it is 
influenced by other factors of kinematic interaction. 

II. FINITE ELEMENT METHOD

The finite element method is used to solve the physical 
problems. The general formulations of the finite element 
method consist of [6]: 

Analysis of Machine Foundation Surrounded by 
Diaphragm Wall Using OpenSees Program 

Ahmed Sameer Abdulrasool 
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I. Element Discretization, 
II. Primary variable approximation 

III. Formulation of element equations, 
IV. Assembly of the global equation, and 
V. Solution of the global equations. 

The equations of equilibrium governing the linear dynamic 
response of a system of finite elements can be expressed as 
[4]: 
[M] +[C]. +[K]. =R                            1 
 
 where:    [M] = mass matrix,  
                [C] = damping matrix,  
                [K] = stiffness matrix,  
                 R = vector of loads, 
                  = vector of nodal accelerations,  
          = vector of nodal velocities, and  

               = vector of nodal displacements. 

III. DESCRIPTION OF THE PROBLEM 
The aim of this work is to investigate the effect of 

diaphragm wall depth to width ratio on the dynamic response 
of foundation, In addition to the distance between diaphragm 
walls.  
The soil profile consists of a dry sand stratum at a depth of 65 
m from the ground surface. The problem represents a 
homogeneous layer of a natural deposit over bedrock. The 
properties of the soil are considered to be uniform throughout 
the depth of the layer which is a common assumption in soil 
dynamics. The analysis of machine foundation is performed 
for foundation rests on finite isotropic elastic homogenous soil 
as the machines may cause only small amplitudes of 
vibrations.  
The value of Poisson's ratio and values for the static stress-
strain modulus, ES are adopted from (Das [10]).The properties 
of soil are listed in Table 1. 

 
The geometry consists of flexible square foundation of 
dimensions 5m x 5m x 0.4m founded on the ground surface of 
dry sand. The Code of Practice for Foundation [9], recommend 
that the diaphragm wall should not be less than 0.6 m width 
.So, the diaphragm wall width is taken 0.6 m. 
The concrete foundation is assumed as a linear elastic material 
with parameters shown in Table 2, and diaphragm wall 
properties are shown in and Table 3. 

IV. THREE-DIMENSIONAL DYNAMIC ANALYSES OF 
FOUNDATIONS 

For some problems, it is necessary to perform three-
dimensional analysis. Finite element method is found to be an 
effective numerical technique to perform this type of analysis 
[17]. Such problems may include machine foundations resting 
on soil. Machine foundations are usually rectangular in shape 
and in some cases where the ratio of the length to width is 
more than six; a two dimensional idealization of the actual 
situation is made [11].   
Three-dimensional finite element model of 8-noded brick 
elements are used in the dynamic analysis. The brick element 
has eight nodes at the corners with three degrees of freedom at 
each node; the first, second and third degrees of freedom are 
for displacements and acceleration. The elementary boundaries 
with conditions of zero-displacement are used at the boundary.  
The boundary conditions are applied so that, the bottom of the 
soil is assumed to be fixed and the constraint on displacement 
in X and Y directions is applied on the nodes at the boundary 
in Y-Z and X-Z planes, respectively. The    three- dimensional 
finite element model and a cross-section in the model are 
shown in Figs 1 and 2, respectively.  The foundation is 
subjected to a steady state load of sinusoidal function of the 
form F = Fo sin (ωt) with amplitude of force 9.941 kN and 
circular frequency, ω of 20.94 rad/sec. It should be noted that 
in this analysis, a vertical vibration is applied and the 
displacements and acceleration are measured at the top central 
point of the foundation (node A in Fig 1). It is important to 
mention here that all cases are analyzed for duration of         
(10 sec) with time step taken as (Δt = 0.9941 sec). The 
program uses the finite element method. The time integration 
is done with the generalized Newmark method [12]. 

TABLE I 
PROPERTIES OF THE SOIL  

PROPERTIES VALUE UNITS 

Modulus of elasticity, E   26000 kN/m2 

Poisson’s ratio, υ 0.28 - 
 

Unit weight of dry sand, ɣ   16 kN/m3 

   

   

   

   

   

   

   

TABLE I I 
MATERIAL PROPERTIES OF THE FOUNDATION 

PROPERTIES VALUE UNITS 

Young’s modulus 29725410 kN/m2 

Poisson’s ratio, υ 0.2 - 
 

compression strength of 
concrete (ƒc′) 

40 Mpa 

Unit weight of concrete   24 kN/m3 

   

   

   

   

   

   

      

      
   

 

      
   

      
 

      

       
  

       

            
         

            
                  

                
 

 

TABLE I I I 
MATERIAL PROPERTIES OF THE DIAPHRAGM WALLS 

PROPERTIES VALUE UNITS 

Young’s modulus 27405473 kN/m2 

Poisson’s ratio, υ 0.2 - 
 

compression strength of 
concrete (ƒc′) 

34 Mpa 

Unit weight of concrete   24 kN/m3 
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V. RESULTS OF TESTS 

THE EFFECTIVE DIAPHRAGM WALL DEPTH ON MACHINE 
FOUNDATION 

In this section, the test is carried out to assess the effect of 
existence of wall at different depth. The diaphragm walls depth 
to foundation width (D/B) ratio are considered (0.5, 1, 2, and 
3). The diaphragm wall depths are shown in Table 4.   The 
dynamic response of machine foundations is also measured 
without diaphragm wall. The diaphragm wall width for all 
cases in this application is constant (0.6 m) and the distances 
between diaphragm wall and width of foundation are 
considered equal 0 m.  The results of the vertical and 
horizontal displacement and acceleration of machine 
foundation are shown in Fig 3.  

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Fig. 1  Three-dimensional finite element model. 

 
Fig. 2 Cross-section A-A two-dimensional model. 

TABLE I V. 
THE DIAPHRAGM WALLS DEPTH TO FOUNDATION WIDTH 

Diaphragm walls depth Foundation width     D/B 

2.5 5 0.5 

5 5 1 

10 5 2 

15 5 3 

   

   

   

   

   

   

      

        
  

        
    

 

      

        
 

       

            
        

            
                  
                

 

 
 

  
Fig 3. Predicted displacement and acceleration at point A on foundation with different diaphragm wall depth :( A) vertical displacement ; (B) horizontal 
displacement; (C) vertical acceleration ; (D) horizontal acceleration. 
 
 

A 

C 

B 
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From Fig 3, it can be noted that maximum displacement and 
acceleration can be occurred in foundation without diaphragm 
wall. The displacement and acceleration will be decreased with 
the increase in depth of the wall due to an increase confined 
soil underneath the foundation. This means that the stiffness is 
increased. In addition, the walls are start to increases the 
resistance of lateral displacement of soil particles. The 
maximum displacement responses and acceleration of the 
machine foundation due to change of wall depth are shown in 
Table 5. 

 
 
 
 

EFFECT OF DISTANCES BETWEEN DIAPHRAGM WALL 
AND WIDTH OF FOUNDATION 

This study is carried out to assess the effect of existence of 
wall at different distances. The distances between diaphragm 
wall and width of foundation are considered (0m, 0.6m, 1.2m, 
and 1.8m). The diaphragm wall width for all cases in this 
application is constant (0.6m) and the diaphragm walls depth 
to foundation width (D/B) is 2 for all cases.  The soil 
properties and the properties of concrete and the dynamic load 
which is applied at the surface of the foundation have been 
explained in the description of the problem. The results of the 
displacement and acceleration response are shown in                 
Fig 4.  
From Fig (4-A) and (4-B), It is obvious that the vertical 
displacement and acceleration will be decreased with the 
increasing the distances between diaphragm wall and width of 
foundation under the same applied loads, where the increase in 
distances, this leads to the amount of soil under foundation is 
increased, this lead to increase absorb impinging waves, which 
results in decrease in vertical displacement and acceleration in 
the foundation. 
But From Fig (4-C) and (4-D), it can be seen that, when the 
distances between wall and foundation decrease this will lead 
to decrease in the amplitude of horizontal displacement and 
acceleration due to the wall penetrate the soil vertically and 
thus constrain its lateral movement beneath the foundation. 

 

  

  
Fig 4. Predicted displacement and acceleration at point A on foundation with different distances between diaphragm wall :( A) vertical displacement ;                     
(B) horizontal displacement; (C) vertical acceleration ; (D) horizontal acceleration. 
 
 

TABLE V  
MATERIAL PROPERTIES OF THE DIAPHRAGM WALLS 

(D/B) 
Displacement (mm) Acceleration (mm/sec2) 

 Vertical  Horizontal  Vertical  Horizontal  
0 0.0375 0.0025 2.32 0.08 

0.5 0.0158 0.0022 0.92 0.07 

1 0.0103 0.0020 0.61 0.06 

2 0.0060 0.0014 0.37 0.04 

3 0.0040 0.0007 0.23 0.02 
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The maximum results of displacement responses and 
acceleration of the machine foundation due to change of 
distances between diaphragm wall and width of foundation are 
shown in Table 6. 

 
EFFECT OF SOIL PROPERTIES ON MACHINE 

FOUNDATION 
Three states of sandy soil are used in this parametric study 

which are: loose, medium and dense sand, with parameters 
adopted from Das [10]. The parameters of each type of soil are 
shown in Table 7. The diaphragm wall width for all cases in 
this application is constant (0.6 m). The diaphragm walls depth 
to foundation width (D/B) is 2 for all cases and the distances 
between diaphragm wall and width of foundation are 
considered equal 0 m. The dynamic response of the foundation 
is shown in   Fig 5. 

 

 
From Fig 5, it can be seen that the maximum amplitude of 
displacement of pile foundation under dynamic loads occurred 
in the case of loose sand. This behavior can be attributing to 
the reduction in the stiffness of loose sand representative by 
the reduction in modulus of elasticity. 
The maximum results of displacement responses and 
acceleration of the machine foundation due to change of soil 
Types are shown in Table 8. 

 

 

  

 
 

Fig 5. Predicted displacement and acceleration at point A on foundation with different soil properties :( A) vertical displacement; (B) horizontal displacement; 
(C) vertical acceleration ; (D) horizontal acceleration. 
 

TABLE VI  
MATERIAL PROPERTIES OF THE DIAPHRAGM WALLS 

distances between 
diaphragm wall 

and width of 
foundation 

displacement (mm) acceleration (mm/sec2) 

 vertical horizontal  vertical horizontal 

0 0.0060 0.0014 0.377   0.041 

0.6 0.0052 0.0028   0.333   0.077 

1.2 0.0048 0.0036 0.297   0.124 

1.8 0.0045 0.0049 0.267   0.195 

   

   

   

   

   

      

          

         
       

      

         

       

            
         

            
                  

                
 

 

TABLE VII 
PROPERTIES OF THE SOIL  

Material Properties Loose sand Medium 
sand    Dense sand 

Modulus of elasticity, E  
(kN/m2) 

19000 26000 36000 

Poisson’s ratio, υ 0.31 0.28 0.26 
Unit weight of dry sand, ɣ 

(kN/m3) 
14 16 18 

    

    

    

    

    

    

   
 

   

   

 

   
   

 

  
 

    
  

    
 

   

 

   

    
 

   
  

   
  

   

            
        

            
                  
                

 
 

TABLE VIII  
THE MAXIMUM RESULTS OF DISPLACEMENT RESPONSES AND ACCELERATION 

OF THE MACHINE FOUNDATION 

Type of soil 
Displacement (mm) Acceleration (mm/sec2) 

  vertical horizontal   vertical horizontal 
Loose sand 0.0071 0.00167 0.451 0.053 

Medium sand 
 
 

0.0060 0.0014 0.377 0.041 

Dense sand 0.0047 0.00089 0.315 0.031    
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VI. CONCLUSIONS 
1. Diaphragm wall will be lead to increase the stiffness of the 
foundation-soil system due to constrain its vertical and lateral 
movement beneath the foundation. 
2. When the diaphragm wall depth increase this will lead to 
decrease in the amplitude of displacement due to an increase 
confined soil underneath the foundation. This means that the 
stiffness is increased. In addition, the walls are worked to 
increases the resistance of lateral displacement of soil 
particles. 
3. The acceleration decreases as the diaphragm wall depths 
increases, this behavior can be occurred because the increase 
confined soil under foundation, Thereby increase the mass of 
soil-foundation system. 
4. the vertical displacement and acceleration will be decreased 
with the increasing the distances between diaphragm wall and 
width of foundation under the same applied loads, where the 
increase in distances leads to the gradual increase of   soil -
foundation system rigidity due to increase of mass of this 
system. 
5. The horizontal displacement and horizontal acceleration of 
the machine foundation will be increased with the increasing in 
distances between diaphragm wall and width of foundation due 
to the excess of lateral movement beneath the foundation. 
6. The maximum amplitude of displacement of foundation 
under dynamic loads can occur in soil of loose sand. This 
behavior can be attributed to the reduction in the stiffness of 
loose sand which is represented by the reduction in modulus of 
elasticity. 
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DYNAMIC BEHAVIOR OF REINFORCED 
CONCRETE STRUCTURE SUBJECTED TO 

EXTERNAL EXPLOSION 
Ali Naji Attiyah*, and Alaa Hadi Hameed** 

Abstract— This study  deals with the behavior of  reinforced 
concrete structures subjected to external  explosions by using a 
three dimensional nonlinear analysis program. The section design 
property is employed to model the reinforced concrete structural 
elements.  The  behavior  of  concrete  is  simulated  by  an elasto- 
plastic  work.  Numerical  study  is  carried  out  to  evaluate  the 
current international blast design guidelines like the US General 
Service  Administration  (GSA  2003),  and  the  United  Facility 
Criteria (UFC 2005) of the US Department of Defense (DoD). It is 
found that the building designed  according to the (GSA 
2003) guidelines  would  not  satisfy  the  (UFC  2005)  
requirements  to mitigate progressive collapse, while a building 
designed according to  the (UFC 2005) requirements could 
withstand a blast  loads resulted from detonation of (250 Ibs) 
at (30 ft). A  parametric study is carried out using SAP 2000 
software  to investigate the effects of column dimensions, beam 
depth, and reinforcing steel ratio on the safety of the  
structure. It is found that increasing column dimensions by 
(25%) to the  (UFC 2005) design is enough to reduce  the  
standoff distance, but increasing beam depth by (20%) is not 
enough. 

Index Terms-Concrete, Explosions, GSA, UFC, and  Dynamic 
behavior. 

I.   INTRODUCTION 

T HE Car bomb attacks during the past several years by 
terrorists  against  public  and  privately  owned  buildings 

have brought about a new awareness in the structural 
engineering community and construction industry. The target 
is to design structures that can survive terrorist attacks with 
possibly no loss of life and minimal injuries (GSA,2003). The 
number of current buildings that need to be evaluated and new 
buildings that need to be designed to withstand terrorist attack 
without collapse is still very high. This poses a challenge to the 

* Author is lecturer at University of Kufa, College  of  Engineering,
email: alin.diebil@uokufa.edu.iq 

** Author is assistant lecturer at University of  Qadisiyah, College of 
Engineering. 

structural engineering and construction community to refine 
available  technologies  and  to  develop  new technologies  to 
ensure that the “progressive collapse” of a building attacked by 
a terrorist bomb can be prevented. 

The mechanisms to prevent collapse should (GSA,2003): (1) 
be economical and easily constructible; (2) be architecturally 
acceptable and if possible be invisible altogether; and (3) add 
to the building strength and resistance to other loads such as 
seismic effects. 

The  main  objective  of  this  study  is  to  investigate  the 
dynamic  behavior of a  typical  reinforced  concrete  building 
frame subjected to external explosions using ETABS program 
for linear dynamic analysis and SAP2000 program for 
nonlinear   dynamic   analysis.   The   studied   parameters  are 
column dimensions, beam depth, reinforcing steel ratio. 

II. PERVIOUS WORK 

Following the collapse of the World Trade Center towers in 
September  2001, there  has been heightened interest among 
building owners and government entities in evaluating the 
progressive collapse potential of existing buildings, and in 
designing new buildings to resist this type of collapse. 
Although some technical literature addressing progressive 
collapse became available after the 1968 Ronan Point collapse 
in Britain, little research has been done in this area since the 
mid-1970. In  United States, the General Services 
Administration (GSA) and Department of Defense (DoD) have 
issued updated guidelines for evaluating a building’s 
progressive collapse potential (GSA, 2003 and DoD, 2005). 
However, both documents tried to provide clear procedures for 
performing progressive collapse analysis using dynamic 
methodologies. Furthermore,   both   documents   seem   to 
discourage the use of nonlinear dynamic analysis procedures 
due to their perceived complexity. 

Most of the previous studies or guidelines like GSA 2003 or 
UFC 2005 are threat-independent i.e. progressive collapse 
mitigation independent to the threat or the cause of probable 
progressive collapse (car accident, blast, earthquake, etc.). In 
the present study, the blast loads on structural elements from 
external explosions are the cause of probable progressive 
collapse. 
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III. ANALYSIS OF STRUCTURES SUBJECTED TO EXPLOSION

The sample structure in this study is a typical  3-story RC 
frame. Each story is  (3 m) in height and 4-bays in X- direction 
and 2-bays in Y-direction, and each bay  is (6m) in length. The 
function of this building is office use only. The data required 
in reinforced concrete design are as follows concrete cylinder 
strength is 20 MPa, steel yield strength is 400 MPa, concrete 
modulus  of elasticity is  21019  Mpa,  and  steel  modulus of 
elasticity 200000 Mpa. Dead loads applied on the frame is 4 
KPa, and live load is 2 KPa. 

According to the requirements of (GSA 2003), one of the 
column(s) as shown in Fig.(1) is removed and 10% increasing 
factor for the material strength is applied, and the following 
load combination is used for analysis: 2(Dead load + 0.25 Live 
load). 

Fig. 1.  Locations of removed columns according to GSA 2003 

Tab.  (1)  shows  the  values  of Demand  –  Capacity Ratio 
(DCR)  which is defined as the ratio of the force (bending 
moment,  axial  force,  shear  force)  in the  structural member 
after the instantaneous removal of column for each scenario to 
the member capacity for each case of column removal. 

TABLE 1 DCR ratio for each removed column case 

Results from Tab. (1) show that DCR for each column 
removal  case  is  less than  2. So, the  structure  satisfied  the 
alternate load path condition for (GSA 2003) requirements. 
This means that the structure is robust against abnormal loads. 

To check the design for (UFC 2005) requirements, the 
following are assumed: remove one of the column(s) as shown 
in Fig. (1), and apply 25% increasing factor for the material 
strength, and the following load combination is used for 
analysis: (1.2 Dead load + 0.5 Live load). 

For the nonlinear alternate path method, plastic hinges are 
allowed to form along the members. These hinges are based on 

maximum  moment  values  calculated  using  over  strength 
factors according to the UFC. However, only moments can 
cause a plastic hinge to form in flexural members, and only the 
axial  load-moment  interaction  (PMM)  can  cause  a  plastic 
hinge to form in a column. These properties are adapted from 
the reinforced concrete member rotation requirements of the 
UFC. It should be noted that allowable nonlinear capacity of 
reinforced concrete member is based on absolute rotation, not 
the member section properties as shown in Fig.(2). 

Fig. 2. Plastic hinge properties (SAP2000) 

Fig. 3.  Qualitative performance levels 

After the nonlinear static analysis for the structure, the 
analysis results for the deformed shapes are as shown in 
Figs.(4), (5), and (6), for columns C1, C2, and C3 removal, 
respectively. 

TABLE 2 Building performance levels 

From the deformed shapes it is seen that the building is not 
safe  according  to  the  (UFC  2005)  requirements.  So,  the 
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members must be redesigned and the columns and beams 
dimensions are increased and are assumed to have larger steel 
ratio as shown in Tab. (3) compared to the original values. 

Now, the same procedure is applied to the new building. 
The analysis results for the deformed shapes are as shown in 
Figs. (7) and (8) for columns C1 and C2 removal, respectively. 

 

 
 

Fig. 4.  Deformed shape for C1 removal 
 

 
Fig. 5.  Deformed shape for C2 removal 

 
From the deformed shapes it is seen that the building is safe 
according to the (UFC 2005) requirements because the plastic 
hinge state did not exceeds the allowable rotation. This means 
that the structure is able to resist progressive collapse. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 6.  Deformed shape for C3 removal 
 

 
Fig. 7.  Deformed shape for C1 removal after increasing steel ratio 

 

 
Fig. 8.  Deformed shape for C2 removal after increasing steel ratio 
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TABLE 3 Properties of redesigned members 

 
 

IV.  ANALYSIS OF THE BUILDING MODEL USING NONLINEAR 
DYNAMIC PROCEDURE 

As stated before that both GSA and UFC approaches are 
threat independent. In the present section, both methods will 
be evaluated for a blast load that can results in progressive 
collapse. In this section, the building is analyzed using 
nonlinear direct integration time history analysis during 
external explosion events, then the building is allowed free 
vibration after  the blast events, and finally, the building is 
analyzed using nonlinear static analysis using SAP2000. 

These successive steps of analysis are to simulate the 
sequence of events in a typical blast and structural response 
rhythm, when an explosion may cause progressive collapse. 
So, instead of doing the nonlinear static analysis according to 
UFC 2005 after removing a column, the proposed analysis 
procedure suggests performing the nonlinear static analysis 
after two steps of nonlinear forced vibration (due to blast) and 
free vibration thereafter. In blast dynamics, it is expected that 
the maximum vibration amplitude happen during the free 
vibration stage, because of the blast short duration. It should 
be noted also that plastic hinges would form before the 
threshold of free vibration stage. 

To simplify the analysis while illustrating the dynamic 
analysis procedure, the following assumptions are made: 
1. The structure is modeled as three-dimensional system. 
2. Effects of large deflections are neglected. 
3. Elastic -plastic moment-rotation relationships are used. 
4. Damping is ignored throughout the analysis. 
5. All beam-to-column connections are moment-resistant and 
are stronger than the beams, so plastic hinges will form in the 
body of the beam or column. 
6. All beams and columns are adequately confined by shear 
reinforcement so that beams and columns are not shear 
controlled. 

For initial condition, it is assumed that the first nonlinear 
dynamic   analysis   starts   from  zero   initial   conditions.   In 
addition, the second nonlinear dynamic analysis starts from the 
end of the first one. Moreover, the third nonlinear static 
analysis  starts  from the  end  of the  second  one.  The  loads 
applied on the structure are the blast loads resulting from the 
explosion to the first analysis, the second analysis is a free 
vibration analysis and the dead load plus the live load to the 
third one. The blast loads are distributed uniformly along the 
elements length as shown in Fig. (9). 

The  blast  load  parameters  are  dependent  on the  distance 
from the center of the element to the point of explosion and the 
charge weight. So, three cases are assumed as follows: 
Case I: 250 Ibs of TNT at 30 feet 

Firstly, the explosion of compact car trunk is assumed to 
explode at a distance 30 feet (i.e. 250 Ibs of TNT at 30 feet). 
The analysis results for the deformed shapes are as shown in 

Figs. (10), (11), and (12), for forced, free vibrations and 
nonlinear static analyses, respectively. From the deformed 
shapes it is seen that the building is safe because the plastic 
hinge state did not exceeds the allowable rotation. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 9.  Distribution of the blast loads along the structural elements 
 
Case II. 250 Ibs of TNT at 20 feet. 

In Case Study II, the same  explosion of case study I is 
assumed to happen at a closer distance. Hence, a 250 Ibs of 
TNT at 20 feet. The analysis results for the deformed shapes 
are as shown in Fig. (13) for the forced vibration analysis. 

From the deformed shapes, it is seen that the building is not 
safe according to the UFC (2005) requirements. Because these 
guidelines use the dead load and the live load as a function for 
mitigate progressive collapse. Now, the effects of material 
parameters on the safety of the building will be investigated. In 
this case study, the same explosion in II is assumed but with 
increasing column dimensions by (25%). The analysis results 
for the deformed shapes are as shown in Figs. (14), (15), and 
(16), for forced, free vibrations and nonlinear static analyses 
respectively.  From the deformed shapes, it is seen that the 
structure is safe and the standoff distance can be reduced from 
30 feet to 20 feet. 

Then the same explosion in II is assumed but with increasing 
beam depth by (20%). The analysis results for the deformed 
shapes are as shown in Fig. (17), for the forced vibration. 
From the deformed shape it is seen that the building is not safe 
according to because blast loads act in a vertical plane 
perpendicular to the beam depth. So, increasing beam depth 
did not give enough resistance and the standoff distance cannot 
be decreased from 30 feet to 20 feet. 

Finally, the same explosion in II is assumed but with 
increasing the reinforcing steel ratio by (400%) for columns 
and (200%) for beams. The analysis results for the deformed 
shapes  are  as  shown  in Figs. (18),  (19),  and  (20),  for  the 
forced, free vibrations and nonlinear static analyses, 
respectively.  From the deformed shapes, it is seen that the 
building is safe without exceeding the maximum reinforcing 
steel ratio for columns and beams and the standoff distance 
can be reduced from 30 feet to 20 feet. 

_ Dynamic Behavior of Reinforced Concrete Structure Subjected to External Explosion

94



 
 

 
 

 
 
 
 

Fig. 8.  Deformed shape for C2 removal 
 
 

Fig. 8.  Deformed shape for C2 removal 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 10.  Deformations of forced vibration for case I 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 11.  Deformations of free vibration for case I 
 

 
Fig. 12.  Deformations of the final analysis for case I 

 
 

 
 

Fig. 13.  Deformations of forced vibration for case II 

 
Fig. 14.  Deformations of forced for case II (strong columns) 

 

 
Fig. 15.  Deformations of free vibration for case II (strong columns) 
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Fig. 16.  Deformations of free vibration for case II 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 16.  Deformations of nonlinear static analysis for case II (strong columns) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 17.  Deformations of forced vibration for case II (strong beams) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 18.  Deformations of forced vibration for case II (increased steel) 

 
 

 
 

Fig. 19.  Deformations of free vibration for case II (increased steel) 

 
Fig. 20.  Deformations of nonlinear static analysis for case II (increasing steel) 
 
Case III: 250 Ibs of TNT at 10 feet. 

In the present case, the same explosion of case study I is 
assumed to happen at a closer distance. Hence, a 250 Ibs of 
TNT  at 10  feet.  Increasing columns dimensions by (50%), 
beam depth by (20%) and the reinforcing steel ratio to the 
maximum value is used. The analysis results for the deformed 
shapes are as shown in Fig. (20), for the forced vibration. 
From the deformed shape, it is seen that the building is not 
safe in spite of the increasing of all available parameters to the 
maximum limit. 
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V.   CONCLUSIONS 

Based on the nonlinear dynamic analysis carried out in the 
present study on the behavior of reinforced concrete structures 
subjected to external explosions the following conclusions can 
be drawn: 
1. Buildings designed according to the (GSA 2003) guidelines
did not satisfy the requirements of (UFC 2005). 
2. Buildings designed according to the requirements of (UFC
2005) are not always able to resist a blast loads. 
3. From the above conclusion, it is necessary to have limited
use for (UFC2005), when the blast is the cause of the probable 
progressive collapse. 
4. Increasing column dimension is the most effective and
economical parameter to consider the building as blast- 
resistant one, so it may govern the architectural design in such 
cases. 

However, the aforementioned conclusions are based on the 
limited case studies investigated in the present study, and may 
be generalized with more wide studies. 
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Abstract— Evaluation of aging structures safety and estimation 

of their residual load capacity are of significant importance in 
regions affected by aggressive environment. A simplified 
nonlinear finite element analysis (NLFEA) is introduced. The 
proposed NLFEA takes into account different levels of 
geometrical, material, and bond damages due to reinforcement 
corrosion. At each load step of the nonlinear analysis process, the 
NLFEA establishes the instantaneous stiffness of the structure 
through effective transfer of the instantaneous axial and flexural 
rigidities from the sectional level to the element level. The model 
adopted a displacement field tuning convergence approach that 
involves single or multiple-phases of corrections satisfying 
equilibrium and a displacement tolerance. The efficiency and 
accuracy of proposed NLFEA is verified through two case studies 
where its results are compared with experimental and analytical 
results from previous studies on undamaged and corrosion 
damaged structures. The proposed NLFEA proves very high 
numerical stability and fast convergence that establish it’s 
adoptability in large structural analysis. 
 
Keywords: Damaged RC structures, finite element. 

1. INTRODUCTION 
valuation of the safety of aging frame structures and 
estimation of their load capacity and service life are of 

significant importance in regions affected by aggressive 
environment, such as offshore structures, high industrialized 
areas, and parking garages in cold regions.   Exposure of 
structural concrete frames to such extreme environmental 
conditions could initiate, accelerate, and propagate 
reinforcement corrosion throughout critical zones/sections of 
critical structural elements, and hence they could severely 
affect the structural performance and safety of the RC frames. 
Hence, the development of quantitative assessment approach 
that is capable to estimate the ultimate load capacity of the RC 
frame structures is of major importance to the structures 
owners, engineers and governments. 

On the other hand, reinforcement corrosion is the main 
cause of reduction in concrete structural capacity. Field 
observations and experimental investigations [1] show that the 
main effects of reinforcement corrosion on RC sections are: (i) 
reduction of the steel rebar cross-sectional area and ductility, 
(ii) reduction of concrete section as a result of the concrete 
cover spalling, and (iii) loss of bond between the rebars and 
the surrounding concrete in the affected zones. It is important 

to investigate if these effects result in a significant reduction of 
the structural stiffness and ultimate capacity of RC elements. 
Several studies have introduced simplified or advanced models 
to predict the effect of corrosion on the concrete and the steel 
reinforcement at the material level. In order to understand the 
structural performance of RC flexural elements subjected to 
combined or coupled effects of service or ultimate loads and 
reinforcement corrosion, these studies involved either 
experimental or analytical approaches[1] and [2]. 

The objectives of many of such studies were to understand 
the deterioration mechanism, and their effects on flexural and 
shear stiffness and material ductility, progressive changes of 
internal forces and stress distribution due to mass loss, and 
bond loss/slip, and spalling.  To date, no analysis approach is 
available to accurately predict the instantaneous structural 
performance of RC sections suffering from active corrosion. 
Empirical, analytical and numerical models to predict the 
mechanical behavior and the time profile of the corrosion 
damage of RC elements in ideal lab conditions have been 
proposed as a direct application of the material-level models. 
However, no studies are conducted on the nonlinear behavior 
of concrete structures subjected to corrosion-induced damage 
combined with axial and lateral loads.  

Modeling the behaviour of damaged and deteriorated 
structures using numerical approaches requires a thorough 
analysis of different deterioration mechanisms. A 
comprehensive numerical model should: (i) simulate different 
damage stages and their effects on flexural and shear stiffness, 
ductility and strength of the structural elements; (ii) capture the 
progressive changes of internal forces and stress distributions 
due to concrete spalling, mass losses, loose of bond, reduction 
of reinforcing steel sections, reduction of steel ductility; (iii) 
capture the structural performance critical states, such as loose 
of stirrups and confinement, change in energy dissipation 
mechanisms, etc; and (iv) the model should use a simplified 
analysis and assessment approaches yet being accurate.   
The objective of this paper is to present a simplified nonlinear 
finite element model that evaluates the structural performance 
and residual ultimate capacity of deteriorated RC structures. 
The approach takes into account different levels of 
geometrical, material, and the bond damage due to 
reinforcement corrosion. The approach is aimed to investigate 
the possible damage states and the related load capacity 

Evaluation of Residual Load Capacity of RC 
Structures Subjected to Reinforcement 

Corrosion 
Amina Alshame1, Husham Almansour2 
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reduction together with possible local or global failure states. 
 

PROPOSED NONLINEAR FINITE ELEMENT ANALYSIS 
(NLFEA) OF RC BEAM-COLUMN 

The nonlinear element stiffness in the proposed NLFEA is 
based on the nonlinear rigidities at the section level derived in 
[3]. In order to establish the instantaneous element stiffness 
and hence the global stiffness of the structure at each load step, 
the instantaneous axial and flexural rigidities from the 
sectional level (takes into account different levels of 
geometrical, material, and bond damage due to reinforcement 
corrosion) are to be effectively transferred to the element level 
in the NLFEA.  Furthermore, NLFEA has to safely match the 
available experimental and/or field test results for the case of 
external loading without corrosion and for the case of 
combined load and reinforcement corrosion. 

 
MODELING THE EFFECTS OF REINFORCEMENT CORROSION  

The four major effects of the corrosion on RC elements (i) 
reduction in reinforcement cross-sectional area and ductility 
(it’s modeled by reducing the bar and its ductility), (ii) lose of 
concrete cover (it’s modeled by removing one or more of 
concrete cover); (iii) lose of bond in the corrosion affected; 
(iv) lose of stirrups and concrete confinement, and longitudinal 
rebar buckling. It is very challenging to develop practical time-
dependent analytical models that are capable to accurately 
estimate the effects of different reinforcement corrosion 
scenarios on the structural behaviour of damaged RC elements. 
In this paper, the investigation on the effects of reinforcement 
corrosion on the structural behavior is extended to the 
element/structural level as shown in the following sections. 
The objective here is to comprehensively integrate these 
effects into the NLFEA. 

The changes of geometrical properties of the corrosion-
damaged zones and the materials properties of the steel and the 
concrete in the section level are shown in [3]. Each element in 
the finite element analysis at the structural level has its 
geometrical and material properties as the average properties 
of its characteristic sections that are evaluated at the sectional 
level. The instantaneous element stiffness estimated at each 
load step is based on the average of the axial rigidities and the 
average of the flexural rigidities of all characteristic sections of 
that element. Hence, the damage and the change in the material 
properties at the section level are transferred to the element 
level through the average changes in the instantaneous element 
stiffness.     

The background and the deterioration mechanisms of the 
rebars to concrete bond are discussed in [3].  It is shown that if 
the bond stresses outside the “bond failure zone” do not 
exceed the bond strength, then arch mechanisms is developed. 
If no progressive bond failure takes place, then the possibility 
of high deformations due to the bond loss is reduced. 

It has been shown [3] that in the characteristic sections of 
the bond failure zone of flexural members, the equilibrium of 
sectional forces is not directly satisfied (in the sections 

themselves). A self-supported arch is developed over three 
zones; the corrosion damaged zone and two adjacent zones 
that are not affected by the corrosion, where the equilibrium is 
satisfied (see Figure 1 (a)).  The tensile reinforcement passing 
through the three zones and the distributions of the tensile and 
bond stresses are shown in Figure 1 (a), where the excessive 
extension of the corroded part develop balancing mechanism 
of the additional and migrated stresses through the 
development of the arch action. In all the sections where the 
bond is active, compressive and tensile forces are acting as a 
couple to rotate the cross-sections around the neutral axis 
(Euler-Bernoulli beam theory). In the other cross-sections 
where the bond has failed, the internal forces acting on the 
sections satisfy the equilibrium only in the RC structural 
element across the three mentioned zones (i.e. the “bond 
failure zone” and the two neighboring “active bond zones”). 
Since the tension and compression forces acting on the section 
are not balancing each other across the section itself in the 
“bond-failure” zone, then two additional inclined compressive 
forces are developed in the two side zones forming the arch 
that is self-supported by the tensile force in the steel. As the 
corrosion is initiated and propagates, the bond loss also 
propagates. While the bond loss region is expanding, the bond 
stress is increasing at the two ends of the bond failure zone 
forming a high stress transition zone where the stress 
redistribution takes place, (Figures 1 (b-i) through 1 (b-iii)).  

In advanced corrosion progress cases, fracture of critical 
stirrups in corrosion damaged zone are widely observed which 
could result in premature buckling of the main rebars [1]. In 
flexural member, severe localized corrosion or pitting 
corrosion could be developed in zones that are located away 
from moment or shear critical sections. The reduction in 
structural capacity due to stirrups corrosion could be serious 
specifically in RC columns as they provide the confinement of 
the core concrete added to their major contribution to the shear 
resistance. This significant effect of losing stirrups due to 
corrosion on the axial and bending moment carrying capacities 
of deteriorated RC columns has been observed by [1] and [2]. 

 
NONLINEAR ANALYSIS APPROACH: ASSUMPTIONS AND 

PROCEDURES 
In the proposed model, it is assumed that (i) concrete and 

steel are isotropic materials; (ii) the “local” stiffness matrix 
(with its 6 x 6 entries related to 3 degrees of freedom for each 
of the two nodes in the finite element) is established from the 
averages of the axial and flexural rigidities calculated over all 
characteristic sections of that element; (iii) the flexural 
rigidities of each section is calculated from the base sectional 
analysis; (iv) all deformations ( displacements, rotations, etc.) 
are continuous functions over the discretized continuum ( 
structural element or structural system) throughout  all load 
steps; (v) Euler-Bernoulli beam theory is applicable in all the 
combined external loads and corrosion level; however, the 
effect of stress redistribution due to the bond loss is added; (vi) 
equilibrium is satisfied at the section level, where the 
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instantaneous axial and flexural rigidities are to be effectively 
transferred to the element level in order to  establish the 
instantaneous element stiffness and hence the global stiffness 
of the structural at each load step. The model involves the use 
of innovative convergence approach “displacement filed 
tuning convergence or DFTC”, where the trial and errors 
process to verify equilibrium at  the element level is controlled 
by correcting the displacement vector based on the correction 
of the maximum displacement normal to the structural 
element. The correction is based on proportioning the change 
in the displacement in successive load increment steps and 
correction trails. The corrections of other deformations are 
assumed linearly proportional to the correction of the 
maximum deformations. Figure 2 shows the trial deformation 
field and successive corrections (corr i, corr i+1, corr i+2, ...., 
corr i+n)  where the deformation field is corrected successively 
until  the equilibrium is satisfied allowing very small tolerance  
in the tuning process.  For simplicity and conceptual purpose 
only, the figure shows that the corrected displacement curve is 
successively moving always in one direction, which not always 
the case in the trial and error process 

It is important to mention that the proposed procedure 
recognizes the direction of the reference displacement 
component (normal or parallel to the structural element axis) 
for the use in DFTC based on the dominant load. If the 
external moments due to eccentricity or bending moment due 
to lateral loading are controlling the structural behaviour 
(where the flexural stresses are significantly higher than the 
axial stresses (as in beams)), then the tuning is based on the 
maximum deformation normal to the structural member. If the 
external axial load generates sectional stresses that are control 
the behavior (column action), then the tuning is based on the 
maximum deformation in the direction of the structural 
member.   

 
CASE STUDIES: RESULTS AND DISCUSSIONS 

Two case studies are presented in the following section to 
verify the performance and accuracy of the proposed NLFEA 
versus experimental results. One of the two verification case 
studies is when the structural elements are subjected to only 
external “mechanical” loads and no reinforcement corrosion is 
applied. The other verification case study is when the 
structural elements are subjected to combined external loads 
and reinforcement corrosion. 
 

Verification of the proposed model for the case of non-
damaged structure (no corrosion) 

In first case study (Case Study I), a simply supported beam 
subjected to uniform distributed load up to failure, see [4], is 
modeled to verify the accuracy and numerical stability of the 
proposed NLFEA.  The beam is 2.235 m long and has a cross 
section of 152.4 mm by 304.8 mm with 51.3 mm cover. The 
beam is reinforced in lower face (tension zone) by 3 carbon 
steel rebars of 20 mm diameter. The compressive strength of 
the concrete is (f’c = 34MPa). The beam is modeled for  
verification where the results is compared to original 

experimental results of the load versus mid span deflection and 
to  Rasheed and Dinno closed-form finite element analysis 
(FEA) ([4]).  

Figure 3 shows that the load versus mid-span displacement 
relationship of the proposed NLFEA and that of Rasheed and 
Dinno closed-form FEA are very close to the test results ([4]). 
The figure also shows that using small number of elements 
with more than one characteristic section per element gives 
similar results to the load-mid span displacement when 
relatively higher numbers of elements with one characteristic 
section per element are used.  
In Case Study I, the proposed model gives very good results 
that match with acceptable accuracy the experimental test 
results. The approach is numerically stable and insensitive 
over wide range of number of elements and the size of load 
increments. The tuning parameter, , of the di   
tuning convergence (DFTC) can be calibrated with only few 
trials, and the convergence of the model becomes systematic.   
 

Verification of the proposed model for the case of combined 
external loads and reinforcement corrosion 

In case study II, NLFEA is compared to a nonlinear two-
dimensional FEM proposed by [6] and the background test 
performed by [1]. In their model, the concrete was modeled 
using four node plane stress element with thickness equal to 
section breadth, while the steel bars are represented by two-
node truss elements; a bond-link the element exhibiting a 
relative slip between the two materials couples the concrete 
elements to the corresponding bar elements. The model takes 
into account the effects of corrosion on the behaviour of steel 
and concrete through: (i) the reduction of the steel rebars 
cross-sectional area; (ii) changes of the constitutive stress-
strain relationships of steel and concrete in the corrosion 
affected zone; (iii) changes of the material interface properties; 
and (iv) lose of the concrete area due to spaling.  

Coronelli & Gambarova [6] compared their model results 
with [1] experimental results of test conducted on a simply 
supported beam subjected to four point loading and 
reinforcement corrosion. Rodriguez et al. [1] tested several 
beams with different properties, while in the present case study 
only one beam (11.6, as named in Rodriguez et al. Study) is 
selected for the comparison. Load mid-span deflection 
relationships of the proposed NLFEA compared to both [6] 
modeling results and the original [1] test results is shown in 
Figure 4.  A close agreement is observed between the 
proposed model and the two studies results where the 
proposed model shows slightly conservative results.   

In the case study III, the convergence is satisfied in all the 
cases of damaged and undamaged beams. The capability of the 
proposed model to capture the ultimate load and deformations 
and its numerical stability and fast convergence enhance the 
confidence to use it in more complex application. 
 

EVALUATION RESIDUAL CAPACITY OF DETERIORATED 
BEAM-COLUMN USING NLFEA      
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The NLFEA can play the most important role to evaluate the 
residual capacity of deteriorated beam-columns and hence 
develop a quantitative assessment approach that is capable to 
estimate the ultimate load capacity of damaged/deteriorated 
RC structures is essential to manage efficiently the 
maintenance and operation throughout the structure service 
life. For instance, the NLFEA can be the base of four tasks of 
the evaluation the ultimate load capacity of damaged RC 
structures, which are: (i) establishing the load-displacement 
relationship; (ii) establishing the moment-curvature 
relationship; (iii) evaluation of the deterioration of the load 
capacity compared to the state of non-damaged structure; and 
(iv) evaluation of the deterioration of the structural ductility. 
 

SUMMARY AND CONCLUSIONS 

In this paper, a numerically efficient nonlinear finite element 
analysis is proposed to evaluate the structural performance and 
residual capacities of RC structural elements subjected to 
combined external loads and reinforcement corrosion. The 
model adopted an innovative “displacement field tuning 
convergence or DFTC” to ensure fast convergence and 
numerical stability in all the examined cases with minimum 
tuning trials. The model is capable to analyse the nonlinear 
structural behavior of corrosion damaged aged beam-column 
with any possible load case. The proposed NLFEA used the 
sectional analysis proposed in [1] to estimate the sectional 
rigidities from which the elements and structure stiffness are 
calculated by trial and error ensuring the equilibrium at the 
sectional, element, and structural levels at each load step. The 
displacement field tuning convergence or DFTC use single or 
multiple-phases corrections until a displacement tolerance is 
satisfied.  

The efficiency and accuracy of proposed NLFEA is verified 
through two case studies compared with experimental and 
analytical results from previous studies on undamaged 
structure and corrosion damaged structures. The procedure 
proved to be numerically efficient and insensitive to values of 
the controlling parameters of the nonlinear analysis. It can then 
be used as part of nonlinear static analysis of framed 
structures. 

On the other hand, the verification and calibration of the 
proposed simplified NLFEA required future experimental and 
analytical research programs that address: (i) the maximum 
length of the bond loss zone where the proposed model is 
applicable; (ii) efficiency of the proposed approach compared 
to the results of popular two dimensional finite element models 
and test results for different loading cases, boundary 
conditions, and levels of corrosion damage when the beam-
columns are designed for high load over capacity ratios.     
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Fig. 1: Formation and migration of bond stress “wave” throughout formation and progression of local bond failure 

due to corrosion; BSD:  the constant bond stress after stress re-distribution takes place; BAZ: the length of the 
bond affected zone of the rebar. 

 
Fig. 2 Displacement field tuning convergence in the proposed nonlinear finite element analysis procedure 
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Fig. 3 Case study I: Load versus mid-span deflection of a simply-supported beam subjected to uniform distributed 

load (UDL); ([4]) and [5]). 
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Fig. 4 Case study II: comparison of the proposed NLFEA results to experimental and numerical results of [1] and 

[6], respectively 
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Abstract— the effect of CFRP laminate design on the dynamic 

behaviour of reinforced concrete columns subjected to blast loads 
is investigated in this paper. Three half scale RC columns were 
subjected to simulated blast load using a shock tube testing 
device. The columns were 150 mm x 150 mm in cross section and 
2400 mm long. Concrete compressive strength was 33 MPa for all 
columns investigated. Columns were reinforced longitudinally 
with four 10M rebars, one at each corner, and laterally with 6.3 
mm closed steel ties spaced at 100 mm c/c. Columns were axially 
loaded with 400 kN prior to the blast test. Advanced measuring 
techniques were employed for the first time in the present 
research. The time history of reflected blast pressure, impulse, 
mid-height displacement, and axial load were accurately 
measured using ultra-high speed data acquisition system.  The 
results show that the CFRP laminate design has a major   
influence on the dynamic performance of RC columns subjected 
to the effects of blast. 
 
Keywords: Blast load, RC columns, CFRP laminate design, 
jacketed column 

1. INTRODUCTION 
he global demand to upgrade the blast resistance of 
existing critical concrete structures due to the augmented 

terrorists attacks have increased significantly in recent years. 
Usually, terrorists target structures using cars filled with 
explosive material to ensure the collapse of the entire structure 
(progressive collapse).  In buildings the progressive collapse 
could be triggered by the failure of one single column. For this 
reason, it is essential to protect columns since they are the 
crucial structural components in buildings. For long time, 
concrete jacketing and steel jacketing have been employed as 
methods of improving the blast behaviour of RC columns. 
Nevertheless, both methods are time consuming and difficult 
to apply. In contrast, the outstanding engineering properties 
and the ease in application of the new CFRP materials make 
them the best choice for increasing the blast resistance of RC 
columns. Pervious research proved that the blast performance 
of RC columns was significantly enhanced when the columns 
protected with CFRP jackets [1, 2]. However all previous 
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works investigated the CFRP laminate containing 
unidirectional fiber (UD) running in the hoop UD [0] and 
longitudinal UD [90] direction of the column. Despite the 
ductile behaviour of the woven ±45 bidirectional fiber (W 
[±45]) no research has been conducted so far to study the blast 
behaviour of the RC columns protected with CFRP laminate 
including this type of fiber.  
The objective of this study is to examine and compare the 
dynamic behaviour RC columns protected by two different 
laminate designs when subjected to simulated blast pressure 
using a shock tube (Fig. 1).  
 

 
Fig. 1 Shock Tube Testing Machine – Structures Laboratory – University of 
Ottawa  

2. EXPERIMENTAL PROGRAM 
The aim of the experimental program is to study the effect 

CFRP laminate design on the blast behaviour of CFRP 
retrofitted columns. Three half scale RC columns (Col.1, 
Col.2, and Col.3) were investigated under the effect of 
simulated blast pressure using the shock tube available at the 
structures laboratory of University of Ottawa-Canada.  

 
2.1.  Specimen details 

 All RC specimens investigated in this research had 150 
mm x 150 mm x 2438 mm dimensions. Wooden formwork was 
fabricated to attain the required geometry of the specimens. 
Each column was reinforced longitudinally with 4-10M 
deformed rebars, one at each corner and laterally with 6.3 mm 
closed steel ties spaced at 100 mm c/c. Mechanical properties 
of the steel reinforcement used are given in Table-1. Clear 
concrete cover was 10 mm. Columns were instrumented with 
16 electric resistance strain gauges, placed on the steel 
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reinforcement at various positions.  
Concrete used was supplied by a local ready-mix concrete 

company with  a compressive strength of 33 MPa. Once 
column’s casting was over, all test samples were covered with 
two layers of wet burlap and plastic sheet and were left for 
curing for 30 days. Formworks were removed after 14 days. 
When the curing period was over, RC specimens were kept in 
a lab environment until the test date. Col.1 was left unwrapped 
to serve as a control column while Col.2 and Col.3 were CFRP 
jacketed. The CFRP laminate applied to Col.2 and Col.3 were 
UD [0/90] W [±45]2UD [0] and [02/902/0] respectively. The 
CFRP jacket was applied to the entire height of the protected 
columns. Wet layup procedure was used to apply the CFRP 
fabric on the columns. The hardener to epoxy ratio adopted 
was 1:3. 

 
2.2Test setup 

All samples were subjected to transverse loading simulating 
a blast induced shock wave. The tests were conducted using 
the shock tube testing machine at the structures laboratory of 
the University of Ottawa. The tested columns were installed at 
the front of the shock tube. The blast pressure produced by the 
shock wave was transferred to the test specimen by a “lateral 
load transfer element” LLTE. The LLTE is formed from a thin 
steel plate stiffened by eight horizontal HSS ribs (76.2 mm x 
76.2 mm x 6.3 mm and 2438 mm long) mechanically attached 
to a 2438 mm x 2438 mm x 0.71 mm thick steel sheet. This 
loading approach is based on accumulating and transferring 
the pressure generated by the shock tube through the LLTE to 
equally spaced loading strips distributed along the entire 
height of the column (Fig. 2). 

A simply supported boundary in the lateral direction was 
provided through a steel roller at the top and bottom of the 
column. These lateral supports are spaced at 2200 mm c/c, and 
they are attached to the body of the shock tube at the top and 
bottom by four 15.9 mm steel bolts at each of the column ends. 
This prevented the lateral movement at the ends while 
permitting full rotation3. Axial load was applied by placing 
two hydraulic jacks with a capacity of 1500 kN each, at the 
column base. The axial load was transferred to the column 
through a customized stiff steel element (Fig. 3). A customized 
spherical steel pin was placed on the column bottom to ensure 
a three dimensional rotation of the column when applying the 
axial load. A load cell with a capacity of 2000 kN was 
mounted on the 910 mm thick reinforced concrete ceiling of 
the laboratory to record the axial load (see Fig. 4). A high 
speed HPM data acquisition system was employed to collect 
the data. Lateral displacements at mid-span were accurately 
monitored by two laser displacement sensors (Fig. 2). Both a 
high-speed video camera and high definition camera were used 
to capture the progression of the test. 

 
2.3 Testing procedure and loading protocol 

After the concrete element was firmly attached to the shock 
tube, the strain gauges, pressure sensors, laser displacement 
sensors, and the high speed video camera were connected to 

the data acquisition system. An axial load of about 400 kN was 
applied prior to the tightening of the lateral supports. Then the 
driver section of the shock tube was filled with pressurized air 
up to the required level of pressure. Test started when the air 
pressure in the spool section was drained, causing an 
imbalance in pressures on either side of the aluminum 
diaphragm, causing it to puncture, rushing the pressurized air 
at supersonic velocities towards the expansion section. 

 

 
Fig. 2 Test Setup 
 

 
Fig. 3 Axial load system 
 

 
Fig. 4 Axial load monitoring 

TABLE 1 
STEEL REINFORCEMENT MECHANICAL PROPERTIES 

 M10 (11.3 mm 
longitudinal rebar) 

6.3 mm closed steel 
tie 

Yield Stress, fy  
(MPa) 

572 521 

Yield Strain, εs  
(MPa) 

0.0025 0.0045 

Ultimate Stress, fu 
(MPa) 

748 578 

Ultimate Strain, εu  
(MPa) 

0.0771 0.0405 
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3. EXPERMENTAL RESULTS 
Test data included time history of; column’s mid-height 
displacement, reflected pressure at the end of the expansion 
section, and axial load. All columns were subjected to a single 
shot action. Below is a description of each test. 
 

Col.1 
Driver pressure selected for this test was about 345 kPa. It 

can be seen from Fig. 5 that this driver pressure resulted in a 
maximum reflected pressure of 53 kPa and a reflected impulse 
over the positive phase of 488.2 kPa.ms. The positive phase 
duration was 20.5 ms. Maximum and residual column’s mid-
height deflections were 156.9 mm (θmax. = 8.1˚) and 127.3 
mm respectively. Maximum mid-height displacement occurred 
at the instant 54.8 ms from the start of the test. Axial load 
applied prior to the test was 402 kN, however the residual 
axial load was only 3.6 kN. Axial load monitored at the instant 
of maximum mid-height displacement was 16.7 kN. This test 
resulted in a complete crushing of the compression concrete 
and extensive tension cracking at the column’s mid-height 
(Fig. 8-a). Buckling of the longitudinal compression rebars 
was also observed at the critical section. 

 
Col.2 
Driver pressure selected for this test was about 345 kPa.  It 

can be seen from Fig. 6 that this driver pressure resulted in a 
maximum reflected pressure of 48 kPa and a reflected impulse 
over the positive phase of 472.9 kPa.ms. The positive phase 
duration was 20.9 ms. Maximum and residual column’s mid-
height deflections were 53.5 mm (θmax. = 2.8˚) and 20 mm 
respectively. Maximum displacement occurred at the instant 
25.6 ms from the start of the test. Axial load applied on the 
column prior to the test was 410 kN, however the residual 
axial load was 294 kN. After the blast event, the column 
stayed intact and no visible damage was seen. This is clearly 
shown in Fig. 8.b. 

 

 
Fig. 5: Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column Col.1 
 

 
Fig. 6 Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column Col.2 
 

Col.3 
Driver pressure selected for this test was 345 kPa. It can be 

seen from Figure that this driver pressure resulted in a 
maximum reflected pressure ≈ 49 kPa and a reflected impulse 
over the positive phase of 463 kPa.ms. The duration of the 
positive phase of this test was 22 ms. Maximum and residual 
deflection at the mid-height of the column were 51.3 mm 
(θmax. = 2.7˚) and 20.5 mm respectively. Maximum 
displacement occurred at 23.9 ms. Axial load applied prior to 
the test was 422.5 kN however the residual axial load was 
396.2 kN. Axial load monitored at the instant of maximum 
displacement at the mid-height was 267.7 kN. This column 
stayed intact after the test event and no visible damage was 
observed (Fig. 8.c). 

 

 
Fig. 7 Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column Col.3 
 

 
Fig. 8 Damage at critical section a) Col.1 b), Col.2 c), Col.3 
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 4. DISCUSSION 

The influence of the CFRP laminate design on the dynamic 
performance of the columns tested under blast loads was 
explored.  

Fig. 9 compares between the mid-height displacement time-
history of the three columns investigated in this study. It can 
be noticed that while column Col.1 suffered a significant 
damage associated with a fairly high mid-height displacement 
when subjected to the effect of blast, columns Col.2 and Col.3 
almost behaved semi-elastically. This comparison indicates 
that the CFRP jackets substantially enhanced the dynamic 
behaviour of the RC columns subjected to threat of explosions. 
Given that the maximum and the residual mid-height 
displacements of Col.2 and Col.3 were the same, the 
performance of column Col.2 is considered better than the 
performance of column Col.3 since column Col.2 was 
subjected to a higher blast force.  

The effect of the laminate design on the actual dynamic 
resistance-displacement relationship of the RC columns was 
also studied. The generation of the resistance function was 
achieved as follow: 

First, the acceleration-time history (at) for each test was 
computed by double drive the measured displacement time 
history (Fig. 10). 

Then the equation of motion (Eq. 1) shown below was 
applied to obtain the resistance time-history.       

 
          Ft   = KLM M at + Rt                         (1) 
 
The applied force time history (Ft) was estimated by 

multiplying the idealized reflected pressure time-history by the 
area of the shock tube’s mouth. For the shock tube employed 
in the present investigation this area was 4 m2. The mass load 
factor (KLM) adopted in the calculation of the column’s 
resistance was equal to 0.66 for damaged columns and 0.72 for 
columns that behaved semi-elastically. This magnitude was 
prescribed by Bigg 1964 for the simply supported structural 
members experiencing a permanent inelastic deformation. The 
total mass (M) used in equation -1 presented above includes 
the weight of the column plus the weight of lateral load 
transfer element (LLTE). 
The actual resistance function of columns Col.1, Col.2 and 
Col.3 are compared in Fig. 11. It can be seen that the dynamic 
resistance of the CFRP protected columns is much higher than 
the corresponding resistance of the unretrofitted columns. The 
improvement in the resistance of the jacketed columns is due 
to the confinement effects provided by the CFRP jackets and 
the increase in the flexural capacity of the columns provided 
by the longitudinal fibers.  However, from the same 
comparison it can be noticed that the CFRP laminate applied 
on Col.2 not only increased the strength of the column but also 
remarkably increased the ductility. In the structures subjected 
to dynamic loads, ductility is more important than strength 
since ductile structural components can absorb higher energy. 
This comparison clearly shows that including the 

woven angular fibers in the laminate protection 
system can noticeably improve the ductility of the RC 
members. This is due to the reorientation mechanism 
of the stressed angular fibers.  
 

 
Fig. 9 Mid-height time history of Col.1, Col.2 and Col.3 

 

 
Fig. 10 Time history of; velocity, and acceleration of column Col.1 
 

 
Fig. 11 Resistance function of Col.1, Col.2, and Col.3 
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3. CONCLUSION 

The effect of CFRP laminate design on the dynamic behaviour 
of reinforced concrete columns subjected to blast loads was 
investigated and the following conclusions were drawn from 
this study: 

1. CFRP jackets prevented the damage at the critical zone of 
RC columns subjected to the effects of simulated blast and 
significantly reduced the mid-height displacement. 

2. The CFRP laminate design has a major rule on the blast 
performance of RC columns. Columns protected with CFRP 
laminates containing W [±45] laminas showed a more ductile 
behaviour than columns protected with CFRP laminate 
containing only unidirectional laminas only. 
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Abstract— In this paper, the effect of seismic detailing on the 

behaviour of reinforced concrete columns subjected to blast loads 
was investigated. Two non-seismically detailed RC columns and 
two seismically detailed RC columns were subjected to simulated 
blast load using a shock tube testing device. The columns’ 
dimensions were 150 mm x 150 mm x 2400 mm. All columns were 
reinforced longitudinally with four M10 rebars, one at each 
corner. Non-seismic RC columns were reinforced laterally with 
6.3 mm closed steel ties spaced at 100 mm c/c while in seismic RC 
columns the steel ties were spaced at 37.5 mm c/c. The columns 
were axially loaded to 54 % of their axial capacity prior to the 
application of the blast pressure.  Advanced measuring techniques 
were employed for the first time in the present research. The time 
history of reflected blast pressure, impulse, mid-height 
displacement, and axial load were accurately measured using 
ultra-high speed data acquisition system. The results show that 
when the spacing between the steel ties was reduced from 100 mm 
to 37.5 mm both the resistance and the deformability of the RC 
columns were marginally improved.   
 
Keywords: Blast load, seismic RC columns, non-seismic RC 
columns 

1. INTRODUCTION 
ue to the escalated terrorist events that targeted civilian 
structures with car bombs in the last two decades, now 

there is a desire among the structural engineering community 
to comprehensively understand the dynamic behaviour of the 
structural RC elements subjected to blast effects. Columns are 
the most important structural members and the failure of which 
could lead to a progressive collapse in buildings exposed to 
the threat of explosion. In general, RC columns are mainly 
designed to resist gravity loads (non-seismic columns); 
however in seismically high risk zones, columns are also 
designed to resist lateral loads (seismic columns). Seismically 
detailed RC columns can dissipate a larger energy due to the 
ductile behaviour of these columns when subjected to a 
dynamic type of loading. Usually, in RC columns designed for 
gravity loads only the spacing between the lateral steel ties is 
equal to the least dimension of the column, yet, this spacing is 
significantly reduced in seismic columns. This reduction in the 
spacing provides a greater confinement pressure to the 
concrete core. Confined concrete has a higher compressive 

strength, and fails at larger maximum compressive strain. 
These features were powerful in upgrading the seismic 
resistance of RC columns and have been applied effectively in 
most building situated in seismically high risk zones. The 
objective of this study is to investigate and compare the 
dynamic behaviour of non-seismic RC columns to the relevant 
behaviour of seismic RC columns when subjected to simulated 
blast pressure using a shock tube (Fig. 1). 
 

 
Fig. 1 Shock Tube Testing Machine – Structures Laboratory – University of 
Ottawa  

2. EXPERIMENTAL PROGRAM 
The aim of this experimental program is to study the effect 

of increasing the number of closed steel ties on the dynamic 
response and resistance-displacement function of RC columns 
subjected to simulated blast load.  Four half scale reinforced 
concrete (RC) columns were investigated under the effect of 
simulated blast pressure using the shock tube available at the 
structures laboratory of University of Ottawa. 

 
2.1.  Specimen details 

All RC specimens investigated in this research had 150 mm 
x 150 mm x 2438 mm dimensions. Wooden formwork was 
fabricated to attain the required geometry of the specimens. 
Each concrete column was reinforced longitudinally with 4-
M10 deformed rebars, one at each corner. Columns are 
reinforced laterally with 6.3 mm closed steel ties. The steel ties 
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were spaced at 100 mm c/c in the first two columns (NS-A and 
NS-B) while they were spaced at 37.5 mm c/c the in the third 
and the fourth column (S-A and S-B). Mechanical properties 
of the steel reinforcement employed in this experimental 
program are given in Table-1. Clear concrete cover provided 
was 10 mm. The columns were instrumented with 16 electric 
resistance strain gauges, placed on the steel reinforcement at 
various positions. Concrete used for casting the columns was 
supplied by a local ready-mix concrete company with a 
compressive strength of 33 MPa. Once column’s casting was 
over, all test samples were covered with two layers of wet 
burlap and plastic sheet and were left for curing for 30 days. 
Formworks were removed after 14 days. When curing period 
was over, RC specimens were kept in a lab environment until 
the test date. 

2.2Test setup 
All samples were subjected to transverse loading simulating 

a blast induced shock wave. The tests were conducted using 
the shock tube testing machine at the structures laboratory of 
the University of Ottawa. The tested columns were installed at 
the front of the shock tube. The blast pressure produced by the 
shock wave was transferred to the test specimen by a “lateral 
load transfer element” LLTE. The LLTE is formed from a thin 
steel plate stiffened by eight horizontal HSS ribs (76.2 mm x 
76.2 mm x 6.3 mm and 2438 mm long) mechanically attached 
to a 2438 mm x 2438 mm x 0.71 mm thick steel sheet. This 
loading approach is based on accumulating and transferring 
the pressure generated by the shock tube through the LLTE to 
equally spaced loading strips distributed along the entire 
height of the column (Fig. 2). 

A simply supported boundary in the lateral direction is 
providing through a steel roller at the top and bottom of the 
column. These lateral supports are spaced at 2200 mm c/c, and 
they are attached to the body of the shock tube at the top and 
bottom by four 15.9 mm steel bolts at each of the column ends. 
This prevented the lateral movement at the ends while 
permitting full rotation [3]. Axial load was applied by placing 
two hydraulic jacks with a capacity of 1500 kN each, at the 
column base. The axial load is transferred to the column 
through a customized stiff steel element (Fig. 3). A customized 
spherical steel pin was placed on the column bottom to ensure 
a three dimensional rotation of the column when applying the 
axial load. A load cell with a capacity of 2000 kN was 
mounted on the 910 mm thick reinforced concrete ceiling of 
the laboratory to record the axial load (see Fig. 4). A high 
speed HPM data acquisition system was employed to collect 
the data. Lateral displacements at mid-span were accurately 
monitored by two laser displacement sensors (Fig. 2). Both a 
high-speed video camera and high definition camera were used 
to capture the progression of the test. 

 
2.3 Testing procedure and loading protocol 

After the concrete element was firmly attached to the shock 
tube, the strain gauges, pressure sensors, laser displacement 
sensors, and the high speed video camera were connected to 
the data acquisition system. An axial load of about 400 kN was 

applied prior to the tightening of the lateral supports. Then the 
driver section of the shock tube was filled with pressurized air 
up to the required level of pressure. Test started when the air 
pressure in the spool section was drained, causing an 
imbalance in pressures on either side of the aluminum 
diaphragm, causing it to puncture, rushing the pressurized air 
at supersonic velocities towards the expansion section. 

 

 
Fig. 2 Test Setup 
 

 
Fig. 2 Axial load system 
 

 
Fig. 2 Axial load monitoring 
 

3. EXPERMENTAL RESULTS 
Test data included time history of; column’s mid-height 
displacement, reflected pressure at the end of the expansion 
section, and axial load. All columns were subjected to a single 
shot action. Below is a description of each test. 
 

NS-A 
The designated driver pressure for this test was about 345 

kPa. It can be seen from Fig. 5 that this driver pressure 
resulted in a peak reflected pressure of 51 kPa, and a reflected 
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impulse over the positive phase of 479 kPa.ms. The positive 
phase duration was 20.6 ms. Maximum and residual column’s 
mid-height displacements were 125.3 mm (θmax. = 6.5˚) and 
110.2 mm respectively. Maximum mid-height displacement 
occurred at the instant 50.8 ms from the start of the test. 
Maximum Axial load applied prior to the test was 411 kN; 
however the residual axial load was only 61.6 kN. Axial load 
monitored at the instant of maximum mid-height displacement 
was 47 kN. This test resulted in a complete crushing of the 
compression concrete and extensive tension cracks at the 
column’s mid-height. Buckling of the longitudinal 
compression rebars was also observed at the critical section. 

 

 
Fig. 5: Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column NS-A 

 
NS-B 
The designated driver pressure for this test was about 345 

kPa. It can be seen from Fig. 6 that this driver pressure 
resulted in a maximum reflected pressure of 53 kPa and a 
reflected impulse over the positive phase of 488 kPa.ms. The 
positive phase duration was 20.6 ms. Maximum and residual 
column’s mid-height deflections were 156.9 mm (θmax. = 
8.1˚) and 127.3 mm respectively. Maximum mid-height 
displacement occurred at the instant 54.8 ms from the start of 
the test. Axial load applied prior to the test was 402 kN; 
however the residual axial load was only 3.6 kN. Axial load 
monitored at the instant of maximum mid-height displacement 
was 16.7 kN. This test resulted in a complete crushing of the 
compression concrete and extensive tension cracks at the 
column’s mid-height. Buckling of the longitudinal 
compression rebars was also observed at the critical section. 

 
 

 
Fig. 6 Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column NS-B 
 

S-A 
The designated driver pressure for this test was about 345 

kPa. It can be seen from Fig. 7 that this driver pressure 
resulted in a maximum reflected pressure of 53.8 kPa and a 
reflected impulse over the positive phase equal to 509.3 
kPa.ms. Positive phase duration was 21.52 ms. Maximum and 
residual deflection at column’s mid-height were 114.9 mm 
(θmax. = 6˚) and 108.5 mm respectively. Maximum mid-
height deflection occurred at the instant 51.12 ms from the 
start of the test. Axial load applied prior to test was 419.7 kN; 
however the residual axial load was only 160.3 kN. Axial load 
monitored at the instant of maximum mid-height displacement 
was 140.9 kN. This test resulted in a complete crushing to the 
concrete and extensive tension cracks localized at the mid-
height region of the column. 

 

 
Fig. 7 Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for column S-A 
 

S-B 
The designated driver pressure for this test was about 345 kPa. 
It can be seen from Fig.8 that this driver pressure resulted in a 
maximum reflected pressure of 56 kPa and a reflected impulse 
over the positive phase of 499.5 kPa.ms. Positive phase 
duration was 21.1 ms. Maximum and residual deflection at 
column’s mid-height were 130.3 mm (θmax. = 6.8˚) and 120.6 
mm respectively. Maximum mid-height deflection occurred at 
the instant 54.3 ms from the start of the test. Axial load applied 
prior to the test was 420.1 kN; however the residual axial load 
was only 80 kN. Axial load monitored at the instant of 
maximum displacement at the mid-height was 23.6 kN. This 
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test resulted in complete crushing to the concrete and extensive 
tension cracks at 100 mm above the mid-height of the column. 
 

 
Fig. 8 Time history of; Reflected Pressure, Impulse, Mid-Height 
Displacement, and Axial Load for Column S-B 
 

 4. DISCUSSION 
The influence of the steel ties spacing on the resistance of 

the columns investigated in this study was first explored. The 
generation of the resistance function was achieved as follow: 

First, the acceleration-time history (at) for each test was 
computed by double drive the measured displacement time 
history (Fig. 9). 

 

 
Fig. 9 Time history of; velocity, and acceleration of column NS-B 
 

Then the equation of motion (Eq. 1) shown below was 
applied to obtain the resistance time-history.       

 
          Ft   = KLM M at + Rt                         (1) 
 
The applied force time history (Ft) was estimated by 

multiplying the idealized reflected pressure time-history by the 
area of the shock tube’s mouth. For the shock tube employed 
in the present investigation this area was 4 m2. The mass load 
factor (KLM) adopted in the calculation of the column’s 
resistance was equal to 0.66 for damaged columns and 0.72 for 
columns that behaved semi-elastically. This magnitude was 
prescribed by Bigg 1964 for the simply supported structural 
members experiencing a permanent inelastic deformation. The 
total mass (M) used in equation -1 presented above includes 
the weight of the column plus the weight of lateral load 

transfer element (LLTE). 
The resistance functions of column NS-A and column S-A are 
compared in Fig. 10. It is clearly shown that the resistance at 
yield of column S-A is 33 % higher than the relevant resistance 
of column NS-A . This enhancement in resistance is due to the 
confining effects provided by the closely spaced steel ties 
adopted in columns S-A. Concrete confinement increases the 
concrete strength, flexural capacity and ductility of the RC 
structural member, and prevents the buckling of the 
longitudinal compression reinforcement. 
 

 
Fig. 10 Resistance function of column NS and column S 
 
The effect of the steel ties spacing on the deformability of the 
columns was also verified. Fig. 11 compares the time history 
of the mid-height displacement and the axial load of column 
NS-B and column S-B. Both columns were investigated under 
identical blast pressures. The maximum and the mid-height 
deflections observed in S-B were lower than the maximum and 
the mid-height displacements resulted in NS-B by 16.95 % and 
5.3 % respectively. Accordingly, the residual axial load 
measured in NS-B and S-B was 0 kN and 80 kN respectively. 
This comparison clearly illustrates that increasing the number 
of the steel ties in RC columns would, to some extent, enhance 
the structural performance of the RC columns subjected to the 
effect of explosion. This enhancement in the deformability of 
the columns mainly comes from the confinement of the 
concrete core of the RC columns that are transversely 
reinforced with closely spaced steel ties. This finding does not 
match the test data obtained by Lloyd 2010. Lloyd 2010 
concluded that there is no significant difference in response 
between the columns designed for seismic and non-seismic 
regions. Yet, the spacing between the steel ties of the non-
seismic columns in his study was 75 mm c/c while the spacing 
between the steel ties of the non-seismic columns in the 
present study was 100 mm c/c. For this reason the spacing 
effect was more pronounced herein. 
Finally, the influence of the steel ties spacing on the plastic 
hinge region damage level observed at the end of the test was 
also inspected. Fig. 12 compares the damage level noticed in 
column NS-B and S-B. It is clearly shown that both columns 
suffered concrete crushing and extensive tension cracking at 
the plastic hinge region. Nevertheless, the crushing of the 
compression concrete in column NS-B was deeper than the 
concrete crushing noticed in S-B. Also the damage in NS-B 
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was associated with the buckling of the longitudinal 
compression rebars.  
The comparisons shown above proved that decreasing the 
spacing between the steel ties in the RC columns studied 
increased the resistance of the columns. As a result, the mid-
height displacement produced and the damage at the plastic 
hinge region were marginally reduced. Also, decreasing the 
spacing between the steel ties prevented the buckling of the 
longitudinal compression reinforcement. 
 

 
Fig. 11 Time history of mid-height displacement and axial load for column 
NS-B and column S-B 
 

     
                         (a)                                                  (b) 
Fig. 12 Resistance function of column NS and column S 

3. CONCLUSION 

From the findings of the present study it can be concluded that 
decreasing the spacing between the lateral steel ties in RC 
columns can increase the resistance, reduce the mid-height 
displacement, reduce the damage level at the plastic hinge 
region, and prevent the buckling of the longitudinal 
compression reinforcement. This effect will be more 
pronounced with columns of a bigger cross-section than the 
columns investigated in the current research. 
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Abstract— In this paper strength and deformation of 

reinforced concrete corbels made from high strength concrete, of 
compressive strength ranging from 73.85 to 77.6 MPa, wrapped 
with CFRP sheets were studied through experimental tests. For 
this purpose a total of twelve concrete corbels were cast and 
tested for the ultimate load capacity. Deformations of corbel 
deflection and strains in steel and CFRP sheets were measured. 
For bonding CFRP sheets to the corbels outer surface different 
configuration was followed. Results indicate that there is an 
enhancement in load capacity when undamaged reinforced 
concrete corbels is strengthened with CFRP sheets. Using the best 
CFRP configuration the load enhancement was reached 28.3%. 
Results also indicated that the strengthened corbels suffered from 
high deformations before collapse, and the tensile strain in steel 
and CFRP materials was high, and was larger than the strain 
corresponding to the proportionality limit. 
 

Index Terms— Concrete corbel, High strength concrete, Load 
capacity, Strengthening, Wrapping.  
 

I. INTRODUCTION 
RAPPING of reinforced concrete members with 
different types of fiber-reinforced polymer, bonded 

together in a matrix made of epoxy has been used extensively 
throughout the world in numerous retrofit applications in RC 
building. There are many reasons for upgrading structures such 
as environmental conditions, use of considerations (e.g. 
change in loading requirements), construction and material 
shortcoming (e.g. incorrect placing of reinforcement, use of 
wrong size or grade of reinforcement, insufficient transversal 
reinforcement such as hoops, ties, or spirals, and poor 
construction practices)[1].   
While extensive researches have been done on high strength 
concrete corbels, strengthening corbels have received little 
attention by researchers. A few number of researches deal with 
the corbels strengthened with fiber reinforced polymers. Such 
researches did not study the combined effect of both steel 
reinforced and fiber reinforced polymer strips on the strength 
and deformation behaviors of the corbel. Tests were carried 
out by Campione et al.[2] on corbels made from concrete of 
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48.5 MPa compressive strength and wrapped completely with 
CFRP at side faces indicated that the CFRP can be provided 
instead of stirrups. The overall behavior of the corbels was 
quite similar in terms of maximum load and mode of failure. 
However, the performance of two of the strengthened corbels 
was lower than the corbel made from fiber reinforced concrete. 
They also observed that the compressive rupture was 
consequent to the failure of CFRP wraps in tension. Other tests 
were carried out by Mohamad-Ali and Attiya[3] on reinforced 
concrete corbels strengthened or repaired with CFRP strips. 
Compressive strength of concrete varied from 43 to 47.57 
MPa. Test results showed that ultimate shear strength of 
reinforced concrete corbels increased by 44.5 to 60% when 
inclined CFRP strips are used for strengthening, and increased 
by 14.7 to 31.2% when horizontal strips are used.      
More recently, tests by Ivanova and Assih[4] were carried out 
on four corbels, made from concrete of 33.2 MPa compressive 
strength, strengthened with carbon fiber composite (CFC) 
sheets. For strengthening, different CFC layers and 
arrangements were used. Results indicated that there is an 
increase in the load capacity ranging from 41% to 82%.      

There is a chance to increase the load carrying capacity of 
undamaged corbel sufficiently reinforced with flexural and 
shear reinforcements using externally bonded polymer sheets. 
This case was studied in the present research through 
laboratory tests. It is important to search different sheet strip or 
wrap configuration provide to flexure and shear zones of the 
corbel. The increase in load capacity may depend on the sheets 
configuration provided externally to  the corbel’s surface, and 
there may a strengthening configuration accompanied with a 
maximum load capacity after strengthening. The case, 
therefore, can be considered as the optimization of load 
capacity of strengthened concrete corbels. In this study the 
behavior of high strength concrete corbels externally 
strengthened with CFRP sheets was fairly studied through 
laboratory tests on twelve corbel specimens. The effect of 
providing different configuration on the load capacity, 
materials stress, deformations and mode of failure  were  
studied. 

II. RESEARCH SIGNIFICANT 
There is chance to increase the load capacity of true high 

strength concrete corbel, if required, using externally bonded 
CFRP sheets. If there is a problem of shortcomings in flexure 
and shear reinforcement of the corbel, there is a chance to 

Load Capacity and Deformation of High 
Strength Concrete Corbels Wrapped with CFRP 

Sheets 
Azad A. Mohammed, and Gulan B. Hassan 

W 

 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

117



solve such problem using externally bonded CFRP sheets to 
obtain a required load capacity if correct strengthening 
technique and sheets configuration are provided. Such 
behaviors in question were studied in the present research 
paper, which can add the knowledge on the behavior of 
strengthened corbels and serve the design of corbels for 
strengthening.  

III. EXPERIMENTAL WORK 

A. Materials 
Locally available materials such as sand and crushed gravel 
were used for casting corbels and commercially available 
materials for strengthening were used. The cement used in this 
investigation was ordinary Portland cement (Type I ASTM). 
Physical and chemical properties was found to conform to the 
Iraqi Standard Specification[5]. The fine aggregate (sand) 
locally available was used in the present study. The grading 
was according to BS 882:1992 specification[6] limits. For the 
sand used, the apparent specific gravity was equal to 2.61 and 
fineness modulus equal to 2.28. Crushed gravel was used of 
maximum size equal to10 mm. The results of sieve analysis 
indicated that the gravel conforms to the limits of BS 
882:1992[6]. For the crushed gravel used, apparent specific 
gravity was equal to 2.65. Deformed bar of 12 mm diameters 
was used for the main tension reinforcement in corbels and as 
longitudinal reinforcement in the column  holding the two 
identical corbels to be tested. It was also used as cross bars to 
anchor the main steel at the ends of the corbels. Deformed bars 
of diameter 10 mm were used for shear reinforcement in the 
corbel, as tie in the column and used as framing bars to 
support the stirrups. The stress-strain relationship for the steel 
bars is shown in Fig. 1. Potable drinking water was used for 
mixing and curing of concrete. It was found to be free from 
injurious substances like oil and organic materials. 

A high range water reducer (superplasticizer) of Glenum 
type (GLENUM ACE 30) of constant dosage (by weight of 
cement) equal to 1.1% was used for mixes. Laminates of 
CFRP of Sikawrap-230c type were used as strengthening 
materials. The laminates consist of fibers arranged in one 
direction (main direction) [i.e. unidirectional laminate] bonded 
together in a shape of woven fabric. CFRP laminate was of 
600 mm width and 1 mm thickness per layer was supplied in 
rolls of 50 m length. The epoxy resin used to bond the 
laminates to the concrete was of Sikadur-330 type consisting 
of two components of resin and hardener (A:B) ratio of 1:4. 
Table 1shows the mechanical properties of CFRP and epoxy 
resin provided by the manufacturer. 
 

B. Mix Design 
The mix proportion selected from suitable ingredients of 

concrete with relative quantities in order to have a concrete of 
high compressive strength with suitable workability. Different 
mix proportions were used as trial mixes and the results 
indicated that the best one is 1:1.25:1.75 (cement: fine 
aggregate: coarse aggregate, by weight), with w/c equal to 0.27 

and superplasticizer ratio of 1.1%. The slump for this mix was 
found to be 55 mm and the cylinder compressive strength was 
78 MPa. 
 

 
 

Fig. 1 Stress-strain relationship of steel reinforcement 
 

TABLE I 
MECHANICAL PROPERTIES OF CFRP AND EPOXY RESIN 

Material 

 
Elastic
Tensile 
Modulus, 
(MPa) 

Tensile 
Strength,
(MPa) 

Ultimate 
Elongation 

Density 
(gm\cm3) 

 
Elastic
Tensile 
Modulus, 
(MPa) 

CFRP 
 238000 4300 1.8% 1.76 238000 

Epoxy 
Resin 3800 30 -- -- 3800 

   

C. Mixing Procedure 
     For mixing procedure, a rotary mixer of 0.25 m3 capacity 
was used. The interior surface of the mixer was cleaned and 
moistened before placing the materials. First, the fine and 
coarse aggregates were poured in the mixer, followed by 25% 
of the mixing water to wet them and then left to mix for a 
period of two minutes. Afterwards, the cement was added and 
finally, the remaining 75% of the mixing water containing the 
superplasticizer was added gradually to the mixture, and the 
mixing operation continued for another three minutes until 
homogenous concrete was obtained. 

 

D. Moulds 
     A corbel specimen cast and tested in the present study was 
a pair of corbels attached to a small column act as one unit of 
constant dimensions for all corbels and accordingly one steel 
mould was used. The mould used for casting corbels was made 
from steel with thickness of 3 mm. Fig. 2 shows the view of 
steel mould in which the steel reinforcement cage was 
positioned and ready for casting the concrete.  

 

E. Casting and Curing 
      The steel reinforcement cage was put inside the mould and 
casting started by placing the concrete inside the molds using a  
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Fig. 2 View of the Steel Mould  and Reinforcement Cage 
 
trowel. A concrete mixture was placed in three layers and each 
layer was vibrated using internal vibrator rod in four locations. 
The process of vibration continued for the final layer until no 
further air bubbles appeared on the surface. When casting was 
completed, the top surface of the specimens was thoroughly 
finished with a steel trowel and left for 24 hours. The 
specimens were then demolded carefully and covered with 
damp canvas for 28 days. After 28 days, all specimens were 
left in the laboratory for another 28 days to dry slowly in order 
to be ready for strengthening process. With each corbel, 
concrete cubes of 150x150x150 mm dimension were cast to 
measure the compressive strength.   
 

F. Corbel Reinforcement and Strain Measurements 
      All the corbels having dimensions of width b=180 mm, 
height h=325 mm, effective depth d=290 mm and length of 
projection from the column of 250 mm. All corbels were 
reinforced with 12 mm deformed bars, 10 mm diameter as 
closed ties spaced longitudinally at 100 mm center to center 
and used as framing bar to support horizontal stirrups. 12 mm 
diameter cross bars of length equal to 150 mm was welded to 
main tension bars at the outer end. Fig. 3 shows the skeletal 
steel which consists of different types of steel bars for corbels. 
The ratio of flexural steel is larger than the minimum tensile 
reinforcement given by ACI 318[7] Building Code 
Requirement (ρw min = 0.04 yc ff /′ ). Table 2 contains the detail 
of corbels, details of flexural and shear reinforcements are 
shown in the table. 

Before casting concrete, a strain measurement foil was 
pasted to the surface of the flexural steel after leveling the 
surface in the location near the column face. This procedure is 
important to measure the variation of strain in the main bar 
which reflects the type of failure in the corbel.  

G. CFRP Strengthening Procedure 
        To ensure a good, strong bond, the surfaces of the 
concrete corbels were cleaned by airbrushing to remove dust 
or debris and fine particles. Care was taken to ensure that the 
resulting concrete surface was uniform. Following cleaning, a 
uniform 2 mm thin layer of the mixture of epoxy resin was 
applied by palette knife to the surface of the concrete corbel 

thoroughly. The CFRP strips were then placed in the given 
location according to the configuration shown in Fig. 4 to Fig. 
11 on the concrete surface and pressed on to the epoxy by 
hand to ensure a good bond with concrete. A uniform pressure 
was applied along the entire length of the strips. A CFRP strips 
was placed with the direction of fibers perpendicular to the 
expected cracking pattern. In order to ensure that the failure 
does not occur in the column the upper portion of the column 
(150 mm height) was confined with one layer of CFRP for the 
strengthened corbels. The CFRP sheets were then provided 
according to the configurations shown in the figures. 
 

Fig. 3 Detail of Corbel Dimensions and Reinforcements 
 

TABLE 2 
REINFORCEMENT AND WRAPPING CONFIGURATION DETAILS AND TEST 

RESULTS 
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C1 4 Ø12 
mm 

3 Ø10 
mm 

- 76.6 478 100+ 

C2 4 Ø12 
mm 

3 Ø10 
mm 

- 74.3 462.8 100+ 

C3 2 Ø12 
mm 

3 Ø10 
mm 

- 75.4 494.55 100 

C4 4 Ø12 
mm 

3 Ø10 
mm 

Fig. 4 76.2 520 110.5 

C5 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 5 77.3 548.15 116.5 

C6 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 6 76.3 553.1 117.6 

C7 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 7 74.5 469.3 99.8 

C8 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 8 75.6 516.7 109.8 

C9 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 9 75 583.85 124.0 

C10 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 10 77.6 603.35 128.3 

C11 4 Ø10 
mm 

3 Ø10 
mm 

Fig. 11 73.85 553.55 117.7 

C12 2 Ø10 
mm 

3 Ø10 
mm 

Fig. 9 74.25 511.3 103.4 

* Pu  is the ultimate load of control corbel, Pus  is the ultimate load of 
strengthened corbel. 
+ The  average of 478 kN and 462.8 kN is 470.4 kN and is used for 
calculating the percentage. 
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125 mm

50 mm

d=290 mm
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a=135mm a=135mm

width of corbel=180mm
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5

6

1- Main reinforcement.
2-  10 Horizontal stirrups.
3-  10 mm framing bars to hold stirrups.
4-  12 mm column reinforcement.
5-  10 mm ties at 100 mm c/c.
6- Steel bearing plate 100x180x16 mm.

72.5 mm

72.5 mm

72.5 mm

72.5 mm
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H. Instrumentation and Testing 
       Universal computerized testing machine of (Walter + Bai 
AG/Switzerland / 08 – 2003) type was used for testing corbels 
and concrete cubes. The general view of the testing machine 
can be seen in Fig. 12. The strain in steel reinforcement and 
CFRP sheets (in flexure zone) was measured using the digital 
strain indicator of (P-3500 strain indicator) type, the position 
of strain gages is shown Fig. 13. Measurements of vertical 
deflection, strain in steel and strain in CFRP in flexural zone 
were taken for each load increment equal to 20 kN. Seven days 
before testing, the corbels were strengthened with CFRP. The 
corbels were tested in an inverted position as shown in Fig. 12. 
The vertical load was applied at the top end of the column 
using a universal computerized testing machine. The corbel 
was supported on steel roller supports in order to get a shear 
span equal to 135 mm and shear span-to-depth ratio (a/d) 
equal to 0.465. The dial gauge was placed to measure the 
vertical deflection in the center of the column as shown in Fig. 
12 and Fig. 13. Rate of loading was constant for all corbels 
and cubes and kept to be 200 kN/min. 
 

Fig. 4 Strengthening Configuration for Corbel C4 [One horizontal strip of 
50mm width for flexure]  

IV. RESULTS AND DISCUSSION 

A. Ultimate Load Capacity 
      Results of cube compressive strength for a concrete mix 
used for each corbel are shown in Table 2. Ultimate load 
capacity of each corbel is shown in the same table. Percentage 
of ultimate load of each strengthened corbel to the control 
corbels (Corbels C1, C2 and C3) is shown in the same table. 
The control corbel for the strengthened corbel C12 is the 
corbel C3. It is observed that there is an enhancement in load 
capacity of reinforced concrete corbel as a result of 
strengthening with CFRP sheets. However, different 
percentages of load enhancement obtained for different 
strengthening configuration of maximum value equal to 28.3% 
(for Corbel C10) using the strengthening configuration shown 
in Fig. 10. The percentage of load enhancement is not so much 
high, indicating that the load capacity of true corbel reinforced 
with a sufficient amount of flexural and shear reinforcements 
could not be enhanced significantly. Discussing the role of 
strengthening corbels using different configurations on the 
ultimate load capacity here is essential, and it is essential to 
make a comparison with the case of strengthening other 
structural members.  

 

Fig. 5 Strengthening Configuration for Corbel C5 [One strip of 50mm width 
for flexure and two strips of 50mm width for shear] 

 
Fig. 6 Strengthening Configuration for Corbel C8 [Two layers of 50mm width 
for flexure and two strips of 50mm width for shear] 

 
Fig. 7 Strengthening Configuration for Corbel C7 [Horizontal strips are 
similar to that C5 in addition to strips bonded to inclined surface] 
 

Fig. 8 Strengthening Configuration for Corbel C8 [Similar to that of corbel 
C7 in addition there are two strips bonded to the inclined face] 
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Fig. 9 Strengthening Configuration for Corbel C9 [Two horizontal layers of 
50mm width for flexure and fully wrapped with diagonal strips] 
 

Fig. 10 Strengthening Configuration for Corbel C10 [One horizontal strip of 
100mm width for flexure and fully wrapped with diagonal strips] 
 

Fig. 11 Strengthening configuration for corbel C11 [One horizontal strip of 
50 mm width for flexure and diagonal strips of 50 mm width for shear 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 12 Loading Machine and Test Setup 

Fig. 13 Detail of Corbel Support and Measurement Tools 
 
Making a comparison  between ultimate load of corbels C4 
and the control corbels (C1 and C2), indicates that providing 
strips of 50 mm width to the tension zone of the corbel lead to 
a load enhancement percentage of 10.5% only. The reason of 
such low load enhancement is attributed to the fact that the 
corbel is of high compressive strength and reinforced with a 
sufficient flexural steel reinforcement. In the other word, the 
corbel is sufficiently strong and not accept strengthening. 
Strengthening using CFRP sheets bonded externally to the 
structural member surface is important in the case of weak 
members (of low compressive strength, poor reinforcement 
detail and damaged by cracking). The other reason of low load 
enhancement of corbel C4 is due to the nature of 
strengthening. The strengthening using CFRP strip temporarily 
provided to zones which are not active zone to be 
strengthened. The case is similar to strengthening a beam using 
strips provided to the opposite sides near the tension zone 
(zone 1 in Fig. 14). Such zone can be considered as non-active 
zone as compared with the active tension zone (zone 2 in Fig. 
14). In general, the nature of high strength concrete corbel 
make from strengthening for flexure to be not efficient. 
 

 
Fig. 14 Flexural tension zones in a beam 

 
Ultimate load enhancement for corbel C5 is only 16.5% and 
considered to be not high. This corbel was strengthened with 
two horizontal strips for shear and one strip for flexure, 
sufficiently reinforced with steel bars for flexure and shear. 
The mentioned discussion for the case of corbel C4 is valid for 
this corbel, indicating that any high strength concrete corbel 
sufficiently reinforced with shear reinforcement the load 
capacity could not be enhanced considerably. Load 
enhancement for corbel C6 is only 17.5% and this load 
enhancement is close to that of C5, indicating that providing 
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double strips instead of one strip for flexure has no importance 
on further load enhancement.  
Results of ultimate load capacity of corbels C7 and C8 indicate 
that providing CFRP strips to the inclined outer face of the 
corbel (Fig. 7 and 8) on the load enhancement has no 
importance. The best strengthening configuration is that 
provided to the corbel C10  indicating that providing wide 
strip for flexure (100 mm width) and full diagonal wrap for 
shear ha a moderate importance for load enhancement, but the 
maximum load enhancement is not larger than 28.3% (for 
corbel C10). 
To study the effect of strengthening corbel insufficient amount 
of flexural reinforcement a control corbel C3 was tested and a 
companion corbel C12 strengthened with a CFRP sheets 
configuration shown in Fig. 9, and then tested. Based on test 
results there is only 3.5% enhancement in ultimate load 
capacity, because the corbel behavior in flexure not been 
affected when two bars were used instead of three bars. Again 
the role of strengthening HSC corbels reinforced sufficiently 
with flexure and shear reinforcements in flexure and shear 
using CFRP sheets is small.  

B. Load- Deflection Relationship 
Fig. 15 shows load-deflection relationship of control 
specimens C1 and C2 and strengthened specimens C4, C5 and 
C10. From the relationships one can observe that strengthened 
corbels suffer from high deformations before collapse, 
indicating the positive role of CFRP sheets on the final mode 
of failure. One can observe that the strengthened corbels offer 
somewhat ductile behavior represented by a large deflection 
before failure compared with control corbels. The same 
behavior of that specimen reinforced with two steel bars 
strengthened with CFRP sheets is observed as shown in Fig. 
16. Totally, the effect of strengthening high strength reinforced 
concrete corbel is not useful to increase load capacity 
sufficiently, but has a benefit to adjust mode of failure to more 
ductile failure and high energy absorption before collapse. 

C. Corbel’s Material Strain 
 In the present discussion on the behavior of HSC corbels 

strengthened with CFRP sheets it is important to study the 
deformations in the corbel materials, steel and CFRP sheet. 
According to the obtained results of steel and CFRP sheet for 
corbels that in the most of tested corbels the two materials 
suffered from high strain before collapse. Fig. 17 shows load-
strain relationship in steel reinforcement and CFRP sheet for 
two corbels C8 and C9. It is observed that the two materials 
suffered from high tensile strain before collapse. The strain in 
steel is considerably higher than that in CFRP sheet. The same 
observation was found from test results for the other 
strengthened corbels. In general, the high strength concrete 
corbels were suffered from high strain during loading stages 
before collapse.  

D. Failure Mode and Cracking Pattern 
Mode of failure of most tested strengthened corbels was 

shear failure represented by diagonal tension cracks (Fig. 18 
and Fig. 19). The reason of this behavior is that the 

strengthening effect on flexural capacity is more important 
compared with its effect on shear. In the other word 
strengthening against diagonal tension failure can not be fully 
controlled, to prevent shear type of failure. However, such 
type of failure in strengthened corbels is not differ widely from 
the flexural failure because the corbel can withstand 
moderately high deformation before final collapse as discussed 
before and well observed from the load-deflection 
relationships. 

 

 
Fig. 15 Load-Deflection Relationship of Control and Strengthened Corbels 
 

V. CONCLUSIONS 
From the research study the following conclusions can be 
drawn 

1- True high strength corbels reinforced with flexural and 
shear reinforcements can be strengthened using 
externally bonded CFRP sheets, to increase the load 
carrying capacity. The load enhancement depends on 
the provided CFRP sheet configuration but was found 
to be not more than 28.3%. 

2- The strengthened corbels suffered from high 
deformations before collapse, and a ductile behavior 
was observed for the whole load-deflection 
relationship.  

3- Steel and CFRP sheet materials suffered from high 
tensile strain, well beyond the proportional limit, 
before failure. 
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Fig. 16 Load-Deflection Relationship of Control and Strengthened Corbels 

Fig. 17 Load-Materials Strain Relationship for Corbels C8 and C9 

Fig. 18 View of tested Corbel C4 

Fig. 19 View of tested Corbel C8 

Fig. 20 View of tested Corbel C10 
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Abstract—  This paper deals with the finite element modeling 
and dynamic analysis of machine foundation through evaluating 
its steady state harmonic response. A detailed finite element 
model for the foundation is constructed using three dimensional 
solid elements model available in software computer 
programming ANSYS (version 11). Where, in the last decades, 
analytical solutions based on simplified assumptions commonly 
used in project offices have been replaced by precise 
mathematical methods based on finite element modeling, bringing 
more reliability to the calculations. In this case study, the machine 
foundation for gas turbine generator with dimensions of 
(24x10.5x2) m is adopted, which is located in South Baghdad 
Power Plant in Iraq.         

A parametric study is carried out to investigate the effect of 
several parameters, including foundation thickness, modulus of 
elasticity for the soil, and damping ratio. It can be noted that the 
finite element analysis agrees with the analytical results. It was 
showed that as the foundation thickness decreases, the maximum 
displacement increases due to geometrical damping induced by 
the foundation. And when the modulus of elasticity for soil is 
increased, the vertical displacement decreases, in which the soil is 
stiffer. While, by increasing the damping ratio, the oscillation for 
the vertical displacement with the time diminishes, which means 
that the foundation becomes more dynamic stable. 

Index Terms— Harmonic Loading, Finite Element Method, 
Machine Foundation, Soil-Structure Interaction. 

I. INTRODUCTION 
n addition to normal design loads of gravity, wind, and
earthquake machine foundations may be subjected to
significant dynamic loads during operation. the 

foundation has to guarantee smooth running during normal 
operation, and foundation integrity for possible accidental 
loading situations. the structural engineer plays an important 
role in the analysis and design of such foundations and 
structures subjected to dynamic loads especially for the turbine 
foundation. the analysis is considered a very complex problem 
because of the interaction of the structure, the subsurface soil, 
and the vibrating machine. the analysis and design of these 
foundations and structures became less complex after the 

introduction of the finite element method and digital computer. 
Based on the scientific investigations carried out in the last 

few decades it has been established that it is not enough to 
base the design only on the vertical loads multiplied by a 
dynamic factor, even if this factor introduces a dynamic load 
many times greater than the original one. It should be 
remembered that operation of the machines generates not only 
vertical forces, but also forces acting perpendicular to the axis; 
it is thus not enough to take into account the vertical loads 
only and to multiply those by a selected dynamic factor 
(Bhatia, 2008). It has also been found that the suitability of 
machine foundations depends not only on the forces to which 
they will be subjected to, but also on their behavior, when 
exposed to dynamic loads, which depends on the speed of the 
machine and natural frequency of the foundation. Thus a 
vibration analysis becomes necessary. Each and every machine 
foundation does require detailed vibration analysis providing 
insight into the dynamic behavior of foundation and its 
components for satisfactory performance of the machine. The 
complete knowledge of load-transfer mechanism from the 
machine to the foundation and also the complete knowledge of 
excitation forces and associated frequencies are a must for the 
correct evaluation of machine performance. 

II. SOME PREVIOUS STUDIES ABOUT ANALYSIS OF THE
MACHINE FOUNDATION: 

A brief review indicates that over the years, many 
researchers have contributed to the field of machine 
foundation design: 

Moreschi and Farzam (2005) studied the application of the 
harmonic analysis technique for the accurate determination of 
resonant frequencies of individual structural members in large 
steam-turbine generator foundations.  A methodology for the 
accurate determination of the local structural vibration 
properties was proposed.The graphics will stay in the “second” 
column, but you can drag them to the first column. Make the 
graphic wider to push out any text that may try to fill in next to 
the graphic. 

Al-Azawi et al. (2006) carried out a dynamic analysis of 
machine foundations under vertical excitations. A computer 
program (CPESP) was coded in FORTRAN language to 
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evaluate the stiffness and damping coefficients depending on 
the excitation frequency and embedment depth. It was found 
that the embedment of foundations has a significant effect on 
the dynamic response. It causes an increase in the dynamic 
stiffness and damping coefficients and leads to increase the 
resonant frequency and to decrease the dynamic response of 
foundation. 

Ossama (2006) presented a comparative study between the 
two models (frame element and brick element models) under 
the effect of time domain dynamic forces (steady state forces), 
and frequency domain dynamic forces (harmonic excitation 
forces). The masses of the turbine machine were lumped at the 
model joints. Under harmonic excitation, the amplitude of 
beam model response was higher by a range of 10% to 72% in 
the lateral direction than the brick model and by  100 % in the 
vertical direction, i.e., the vibration  amplitude under harmonic  
excitation of the beam model is twice  the  amplitude  captured  
by  using brick  elements  as  the  modeling  block  for  the 
foundation.  Under steady state machine operation, the same 
trend of response was observed. The brick model response 
showed 50% higher rigidity than that of the beam model. 

Livshits (2009) showed that a modal analysis is required for 
frequencies separation verification. Very strict limits for 
amplitude of vibrations at machine bearings shall be checked 
by a harmonic forced vibration analysis. Response spectrum 
analysis gives an estimation of internal forces and 
displacements due to seismic excitation. Structural design of 
the turbine generator foundation, made of reinforced concrete, 
requires a series of static analyses on various static and quasi-
static loads. And he concluded that ANSYS/CivilFEM 
software provides an efficient tool for dynamic analysis and 
structural design of the turbine-generator foundations. 

Abou Alsaoud (2011) studied the finite element modeling 
and dynamic analysis of massive and elevated foundation of 
steam turbine generator, using three dimensional solid 
elements model available in ANSYS finite element package. It 
was concluded that the damping ratio has significant effect on 
the structural response in the harmonic analysis of the 
foundation. And the difference in response due to the changes 
in the compressive strength is minor. 

Bhandari and Sengupta (2014) studied machine foundation 
types and its behavior under dynamic loading in general and 
response of embedded machine foundation in particular. The 
analysis problem has been studied about a reciprocating 
machine installed on block foundation placed on ground 
surface as well as when it is embedded in ground at different 
depths by Elastic half space analog method and embedment 
coefficients. They concluded that with effect to depth of 
embedment there has been increase in natural frequency but 
considerable decrease in amplitude of foundation vibrations.  

 
 

III. HARMONIC RESPONSE ANALYSIS: 
One of the major categories of the dynamic loads is the 

steady state harmonic loads as in the case of machine 
foundations and structures supporting rotating machines. 
Harmonic response analysis is a techique used to determine the 
steady state response of a linear structure to loads that vary 
sinusidally  (harmoniclly) with time. This analysis  gives the 
ability to predict the sustained dynamic behavior of  a 
structure, thus enabling to verity whether or not the designs 
will successfully overcome resonance and other harmful 
effects of forced vibrations. The nature of dynamic loads and 
the non-homogeneity of soil make the problem of analysis and 
design of a foundation more complex. Even though the 
magnitude of dynamic load is relatively small of machines, it 
needs special attention while designing. This idea is to 
calculate the structures responsal at several frequencies and 
obtain agraph of some response quantity ( usually 
displacements ) versus frequency. “Peak” responses are then 
identified on the graph and stresses reviewed at those peak 
frequencies. 

IV. FINITE ELEMENT MODELING OF THE CASE STUDY: 
Finite element method is the most commonly accepted 

analysis tool for the solution of engineering problems. 
Effective pre- and post-processing capabilities make modeling 
and interpretation of results simple. It is relatively easy to 
incorporate changes, if any, and to redo the analysis without 
much loss of time. Viewing of the animated mode shapes and 
dynamic response makes understanding of the dynamic 
behaviour of the machine foundation system relatively simpler. 
Design of machine foundation involves the consideration of 
machine, foundation and soil together as a system, subjected to 
applied or generated dynamic forces. The structural analysis of 
turbine foundation needs attention to detail both in modeling 
and interpretation of the results. Particularly, the interpretation 
of the results of the dynamic analysis requires an 
understanding of the input data, delivered by the supplier. 

The Gas Turbine Generator Foundation for South-Baghdad 
power plant is chosen as a case study. A detailed finite element 
model is constructed using 3D solid elements model available 
in ANSYS finite element package. The model should be 
compatible with the prototype structure within a resonable 
degree of accuracy. A foundation block is a solid mass made 
of reinforced concrete with dimensions of (24×10.5×2) m. The 
soil is represented as continuum below the foundation base 
level,i.e., the foundation is not embedded. The soil domain 
considered is (52.5 m) deep and (31.5m) away from the edge 
of foundation (five and three times foundation width (Bhatia, 
2008)). The boundary conditions are chosen such that all the 
lateral boundaries and the base of the problem are restricted 
both horizontally and vertically. The geometry and loading 
nodes are  shown in Figures (1) and (2). Whereas, tables (1) 
and (2) list the loading details. 
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Figure (1): Plan view of the GTG machine foundation showing location of 
bearing nodes. 

 
 

 
Figure (2):  Finite element mesh and dynamic loads for the foundation. 

 
 
 
 

 
 
The 8-node brick elements in ANSYS are used to represent 

the concrete of foundation and the soil under the foundation 

which are denoted by Solid 65 for concrete and Solid 45 for 
the soil, and the interface elements are modeled by using three-
dimensional surface-to-surface (Target 170 and Contact 174) 
contact elements connected with concrete and soil. Table (3) 
lists the material properties used. For block foundation the 
volumes have advantages, allowing better modeling of the 
concrete block. Soil has a special importance in the analysis of 
turbine foundations. Typically, using the elastic and damping 
properties of the soil is sufficient in generating the model. 

 
 

V. PARAMETRIC STUDY: 

 
The following parameters are studied in the analysis of the 

machine foundation which is carried out by the program 
(ANSYS V11): 

1) Effect of Foundation Thickness (t): 
Three values for foundation thickness are chosen (2, 1.5, 

and 1) m to investigate their effect on the analysis results. The 
study includes investigating the effect of thickness variation on 
the vertical and horizontal displacement and vertical stress. 
Figures (3) to (5) depict the frequency displacement curve for 
five amplitudes of vertical dynamic load and for three values 
of foundation thickness. The vertical displacement was found 
to increase with the decrease of foundation thickness by about 
(29.2%) for (1.5 m) thickness and (37.5%) for (1m) thickness 
more than for (2m) thickness. For a specified foundation 
thickness (t), it was found that for (t=2m), the frequency of 
maximum vertical displacement was (160.5 rad/sec), while it 

TABLE 2 
OPERATING DYNAMIC LOAD (FICHTNER CONSULTING 

 ENGINEERS (INDIA) PRIVATE LIMITED) 

Position 
Operating Dynamic Load (kN) 

Z Y 
D.T 14.97 14.97 
A-1 1.481 2.462 
A-2 2.462 3.943 
A-3 6.415 7.887 
A-4 3.453 4.934 
A-5 3.453 4.934 
A-6 2.462 3.943 

 
 

TABLE 3 
MATERIAL PROPERTIES FOR CONCRETE AND SOIL IN THE PROBLEM 

Concrete 

Symbol Definition Value 

cf ′  
Cylinder compressive strength 
(MPa) 

25 

cE  
Young’s modulus (MPa) 23500 

ν Poisson’s ratio 0.15* 
ρc Density (kg/m3) 2500 

Interface µ Coefficient of friction 0.5* 
 

Soil  Young’s modulus (MPa) 50 
ν Poisson’s ratio 0.3 
ρs Density (kg/m3) 1800 

Notes: *Assumed value, cE = 4700 f c′   (ACI 318M-11) 
 

 

TABLE I 
LOAD FOR EACH GAS TURBINE GENERATOR PLATE AT 5109 RPM 

 (FICHTNER CONSULTING ENGINEERS (INDIA) PRIVATE LIMITED) 

Machine part l Position Static load (Z) (kN) 

 
 

TURBINE 
 

A-1 -63.205 
A-2 -101.768 

A-3 -138.35 
A-4 -74.104 
A-5 -74.104 
A-6 -101.768 

 
 
 
 
 
GENERATOR 

A -53.472 
B -58.639 
C -68.585 
D -68.089 
E -66.531 
F -61.632 
G -78.601 
H -44.952 
I -49.927 
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was (214 rad/sec) for (t =1.5m) and (321 rad/sec) for (t=1m). 
The maximum displacement was found to increase with the 
increase of amplitude of vertical dynamic load for all 
thicknesses. Similarly, the horizontal displacement was found 
to increase with the decrease of foundation thickness by about 
(5.2%) for (1.5 m) thickness and (14.8%) for (1m) thickness 
more than the horizontal displacement for (2m) thickness. For 
the foundation thickness of (2m), figure (6) depicts the 
frequency displacement curve for five amplitudes of horizontal 
dynamic load. 

Figures (7) to (9) show the frequency with maximum 

vertical stresses ( ), for machine foundation under four 
amplitudes of vertical dynamic load and for the three values of 
thickness. The maximum vertical stress was found to increase 
by about (12.14%, 30.3%, 51.2% and 23.61%) for the 
amplitudes of dynamic load (1.481 kN, 2.462 kN, 3.453KN 
and 6.415 kN) respectively in the case of foundation thickness 
(1.5m) compared with (2 m) thickness. The stresses increased 
also in the case of (1m) thickness by (38.9%, 8.52%,73.67% 
and 27.67%) for the amplitudes of dynamic load (1.481 kN, 
2.462 kN, 3.453KN and 6.415 kN), respectively compared 
with the (2 m) foundation thickness case. It is obvious from 
these figures that the vertical and horizontal displacements and 
stress increase when the thickness of foundation decreases 
under the same applied loads.  This is similar to the behavior 
of structural concrete subjected to static loads, where the 
decrease in thickness of foundation leads to the gradual 
decrease of foundation rigidity. And, this in turn decreases the 
moment of inertia which results in increase in vertical 
displacement and stress in the concrete. 

The maximum vertical and horizontal displacements 
obtained by the finite element analysis for foundation 
thickness (2m) is (2.4 and 2.5) micron, respectively, see Table 
(4). This result agrees with the analytical results (vertical and 
horizontal displacement is (1.42, 2.4 micron), respectively) 
which had calculated by (FICHTNER Consulting Engineers 
(India) Private Limited), and it is less than (9 micron) 
(required by the manufacturer). 

 
 

 
Figure (3): Variation of vertical displacement with frequency of load for the 
machine foundation (t = 2 m, ES = 50 MPa), with damping ratio of (0.02) 
due to vertical dynamic load. 
 
 
 
 

 
Figure (4): Variation of vertical displacement with frequency of load for the 
machine foundation (t=1.5 m, ES = 50 MPa), with damping ratio of (0.02) 
due to vertical dynamic load. 

 
 
 

 
Figure (5): Variation of vertical displacement with frequency of load for the 
machine foundation  (t =1 m, E = 50 MPa), with damping ratio of (0.02) due 
to vertical dynamic load. 

 
 
 
 
 
 
 

 
TABLE 4 

MAXIMUM VERTICAL AND HORIZONTAL DISPLACEMENT FOR THE                
MACHINE FOUNDATIONS 

 

Foundation 
thickness 

(m) 

Frequency  
(rad /sec)  

for  
vertical  

disp. 

Vertical 
 disp. 
 (mm) 

Frequency 
(rad/sec) 

for 
Horizontal 

disp 

Horizontal 
disp.  

(mm). 

2 160.5 0.0024 321 0.0025 
1.5 214 0.0031 321 0.00263 
1 321 0.0033 53.5 0.00287 
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Figure(6):Variation of horizontal displacement with frequency of load for the 
machine foundation  (t = 2 m, E = 50 MPa), with damping ratio of (0.02) due 
to horizontal dynamic load. 

 
 
 

 
Figure (7): Variation of vertical stress with frequency of load for the machine 
foundation (t =2 m, E = 50 MPa), with damping ratio of (0.02) due to vertical 
dynamic load. 

 
 
 

 
Figure (8): Variation of vertical stress with frequency of load for the machine 
foundation  (t =1.5 m, ES = 50 MPa), with damping ratio of (0.02) due to 
vertical dynamic load. 

 
 
 
 
 
 
 

 
Figure (9): Variation of vertical stress with frequency of load for the machine 
foundation (t =1 m, ES = 50 MPa), with damping ratio of (0.02) due to 
vertical dynamic load. 

 
 
2) Effect of modulus of elasticity for soil (ES): 
Three values for modulus of elasticity for soil are used (ES 

= 40, 50, 65) MPa. The value of (ES = 50 MPa) is studied in 
the previous case) with (Damping ratio = 0.02, t = 2m). 
Figures (10) to (13) clarify the effect of the modulus of 
elasticity for soil on the vertical displacement and vertical 
stress, and it can be seen that: 
 For amplitude loads (P = 1.481, 2.462, 3.453, 6.451, and 

14.97 kN), and when the modulus of elasticity for soil 
decreases from (ES = 50 to 40 MPa), the maximum 
vertical displacement increases by about (12.24) %. On 
the other hand, the increase in the modulus of elasticity 
for soil from (ES=50 to 65) MPa leads to a decrease in 
the maximum vertical displacement by about (6.75) %. 

 It can be noted that when the amplitude of loads increases, 
the maximum vertical displacement and stress for 
modulus of elasticity for soil (40 and 65 MPa) will 
increase. 

  The maximum vertical displacement takes place at 
frequency (160.5 rad/sec) for modulus of elasticity soil 
(40 MPa), while the maximum vertical displacement 
occurs at frequency (535 rad/sec) for the modulus of 
elasticity for soil (65 MPa). 

  For amplitude loads (P = 1.481, 2.462, 3.453, and 6.451 
kN), when the modulus of elasticity for soil decreases 
from (ES= 50 to 40 MPa), the maximum vertical stress 
decreases by about (1.1) %. And the increase in the 
modulus of elasticity for soil from (ES=50 to 65 MPa) 
leads to increase in the maximum vertical stress by about 
(0.61) %. 

From mentioned figures, it is observed that decreasing the 
modulus of elasticity results in increasing the maximum 
displacement, and reducing the maximum stress, and vice 
versa. 
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Figure (10): Variation of vertical displacement with frequency of load for the 
machine foundation (t =2 m, ES = 40 MPa), with damping ratio of (0.02) due 
to vertical dynamic load. 

Figure (11): Variation of vertical displacement with frequency of load for the 
machine foundation (t =2 m, ES = 65 MPa), with damping ratio of (0.02) due 
to vertical dynamic load. 

Figure (12): Variation of vertical stress with frequency of load for the 
machine foundation  (t =2 m, ES = 40 MPa), with damping ratio of (0.02) due 
to vertical dynamic load. 

Figure (13): Variation of vertical stress with frequency of load for the 
machine foundation (t =2 m, ES = 65 MPa), with damping ratio of (0.02) due 
to vertical dynamic load. 

3) Effect of damping ratio ( ):
Damping is an inherent property of the system, by which 

there is a regressive decay in the amplitude, and the system 
ultimately stops. In this study, the effect of three different 
values for damping ratio (0.02, 0.05, and 0.1) is considered. 
The damping ratio = 0.02 is studied in the previous case with 
(ES =50 MPa, t = 2m). Figures (14) and (15) show that the 
maximum vertical displacement for foundation thickness (2m) 
is reduced by about (7.2%) when increasing damping ratio 
from (0.02) to (0.05), and the maximum displacement  reduced 
again by about (13.1%) when increasing the damping ratio 
from (0.02) to (0.1). It is obvious that the maximum vertical 
displacement occurs at the same frequency for the structure 
whatever was the damping ratio, and here, it is a maximum at 
frequency of (160.5 rad/sec). Similar trend is obtained from 
figure (16). In case of foundation thickness (2m) , when the 
damping ratio increased from (0.02 to 0.05), the maximum 
vertical stress decreased by about (14.64) %. Then the 
maximum vertical stress is reduced again by about (25.74%) 
when increasing the damping ratio from (0.02) to (0.1).  

It is clearly noted that the vertical displacement and stress 
decrease when the damping ratio increases. Thus, the damping 
ratio has a significant effect on the structural response in the 
harmonic analysis of the foundation. These conclusions are in 
agreement with those obtained by Abou Elsaoud (2011). 
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Figure (14): Variation of vertical displacement with frequency for the 
machine foundation  (t =2 m, ES = 50 MPa), with damping ratio of (0.05) due 
to vertical dynamic load. 

Figure (15): Variation of vertical displacement with frequency for the 
machine foundation (t =2 m, ES = 50 MPa), with damping ratio of (0.1) due 
to vertical dynamic load. 

Figure (16): Variation of vertical stress with frequency for the machine 
Foundation (t =2.0 m, ES = 50 MPa), with damping ratio of ( 0.05) due to 
vertical dynamic load. 

VI. CONCLUSION:
1) Dynamic effects of the turbo generators play a major role

on sizing of the foundation wherein conditions like
resonance is avoided by varying stiffness and mass of the
structure which leads to modification in foundation sizes.
As the foundation thickness decreases, the displacements
are increased due to the geometrical damping induced by
the foundation. The greater modulus of elasticity for the
stiffer soil experiences less amount of displacement. The
increase in damping ratio reduces the vertical stresses in
the machine foundation.

2) Through the use of the ANSYS program, it was possible
to evaluate the foundation displacements caused by the
dynamic loads. So, the foundation displacements can be
well controlled and limited. The method can be used to
estimate the natural frequencies and mode shapes for
equipment and supporting structures.
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Abstract- Experimental investigations were carried out to study 
the behavior of composite concrete deep beams. Eight simply 
supported deep beams were tested up to failure under the action 
of two point loads. The variables included are the compressive 
strength of the concrete (f ʹc), shear span to depth ratio a/d and 
web plate thickness. The study was focused on determining 
overall deformation and behavior on the concrete surface, strain 
measurement, inclined cracking and ultimate strength. It was 
found that the behavior of tested beams was significantly affected 
by (f ʹc), a/d and the steel web thickness. The results show that 
the variation of the type of steel reinforcement from steel bars to 
steel plate, the ultimate strength decreased by 9.13%. In addition, 
the ultimate strength and midspan vertical deformation were 
significantly affected by the variations in (f ʹc) and changing of 
the steel plate web thickness on the behavior of tested beams. 
 
Keywords: Composite Concrete, Deep Beams, Mechanical 
Properties, Shear Strength. 
 
Introduction: Composite structures are widely used in 
modern bridge and building construction, consists of using 
two materials together in one structural unit, such as I-section 
beam, is attached or imbedded to a concrete component,  to 
take advantage of its best attributes and to makes composite 
steel-concrete construction very efficient and economical such 
as a floor slab or bridge deck. Steel sections have been 
encased in reinforced concrete columns, beams and walls in 
many buildings. This composite construction is sometimes 
known as steel reinforced concrete (SRC). Encasement of a 
steel shape by using concrete increases its stiffness, energy 
absorption and drastically reduces the possibility of local 
buckling of encased steel, in addition concrete provides 
protection against fire hazard[1]. These benefits require stress 
transfer between the steel and concrete encasement, which 
may be accomplished by either natural bond stress, high 
performance bonding agent or shear connectors. Shear 
connectors are expensive and require additional time for fixing 
them on steel sections. This type of composite member (SRC) 
has been used in Japan for more than 4 decades, Wakabayshi 
[2]. It also becomes increasingly popular to use the concrete 
encased steel members in building construction in Taiwan 
after Ji-Ji earthquake in 1999. Concrete deep beams are those 
having a shear span-to-depth ratio (a/d) less than 2.5[3], and 
they generally occur as transfer girders in tall building 

construction. Since the strength of steel reinforced concrete 
(SRC) deep beams is usually controlled by shear. The 
literature survey indicates that there is little research on 
composite concrete deep beams. Composite concrete deep 
beams are very interesting subject. Researches on this field 
started early and are still continuing until today. Most of these 
researches are focusing on partially encased composite beams. 
Few researches are carried out on full steel encasement; 
moreover there is a lack of information in design codes and 
provisions for this type of construction except in Eurocode4 
which has specified special section for partially encased 
beams. 
The overall objective of the present paper is to investigate the 
experimental behavior of simply supported fully encased 
composite deep beams. Concentration has been focused on 
high performance bonding agent (Sikadur-32) between steel 
and concrete, since shear connectors provisions consume more 
time and money in this type of construction. The research 
consists of construction eight deep beams, one of them was 
reinforced concrete deep beam, as shown in Figure-1a, and the 
other seven deep beams were composite, Figure-1b. Also three 
different concrete strengths (24, 30 and 38 MPa) were used. 
The eight tested beams were designated as DB1 to DB8 
(notation of first deep beam is DB1, where D: Deep, B: Beam 
fallowed by a number 1). All deep beams had the same 
dimensions, of 1400 mm length, 150 mm width and 400 mm 
depth these gave a constant overall length/depth ratio and 
depth/breath ratio of 3.5 and 2.67. 
 
Experimental Program: In this study, eight beams were 
tested to study the influence of three variables on their 
behavior. The mechanical properties of steel bars 
reinforcement used, listed in Table (1). 
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Fig.1.a- Reinforced concrete deep beam 

 

 
Fig.1.b- Composite concrete deep beam. 

 
Fig.1 -Dimensions and details of reinforced and composite concrete deep beams. 

 
Table 1- Mechanical Properties of Steel Bars Reinforcement 

Nominal 
Bar Dia. 

(mm) 

Actual 
Bar Dia. 

(mm) 

Yield 
strength 

ƒy 
(MPa) 

Average 
ƒy 

(MPa) 

Tensile 
strength 

ƒt 
(MPa) 

Average 
ƒt 

(MPa) 

Elongation 
% 

Average 
Elongation 

% 

Es 
(GPa) 

6 6.35 495 
496 

537 
532 

5 
4.67 232 6 6.35 496 531 4 

6 6.35 498 528 5 
12 12.7 419 

432 
493 

508 
16 

14 200 12 12.7 479 552 14 
12 12.7 398 480 12 
16 15.85 535 

563 
735 

743 
13.5 

13.9 199 16 15.85 564 740 14 
16 15.85 590 755 14.3 

Note: Tested steel bars reinforcement conformed to the requirements of grade 60 (60 ksi), min. fy = 420 MPa, min. elongation = 4.5 % according to ASTM A 
496-02 (8) for bar dia. 6.4 mm and min. elongation = 9% according to ASTM A 615-05 (8) for bars dia. 12.7 mm and 15.9 mm. 
 
 
 
 
 

Table 2-Mechanical Properties of Plate Reinforcement 
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Plate 
thickness 

(mm) 

Yield 
Strength 

fy 
(MPa) 

Average 
fy 

(MPa) 

Tensile 
strength 

ft 
MPa 

Average 
ft 

MPa 

Elongation
% 

 

Average 
Elongation

% 

Es 
GPa 

 

2 316 
310 

427 
427 

35.8* 
36.2 

210 
2 303 426 35.8 243 
2 311 429 37 207 
3 310 

305 
421 

424 
32* 

32.26 
216 

3 307 425 32.2 229 
3 298 427 32.6 209 
4 281 

276 
412 

411 
34* 

34.93 
280 

4 277 412 35.2 259 
4 272 409 35.6 226 
6 309 

305 
419 

420 
25.5** 

23.93 
209 

6 301 421 23 221 
6 305 421 23.3 206 

Notes: 
(*) Gage length = 50 mm. 
(**) Gage length = 200mm. 
Tested steel plate reinforcement conformed to the requirements of ASTM A 36/A 36M – 05) (8) Specification, min. fy = 250 MPa, f t=400 MPa, min. 
elongation = 23 % for gage length 50mm, min. elongation = 20% for gage length 200 mm. 

 
 
Four variables were considered in this experimental program. 
These are; 

1. Influence of variations the type of steel reinforcing 
concrete (steel bar concrete reinforcing and steel 
plate concrete reinforcing) 

2. Influence of variations in compressive strength of 
concrete (f ʹc). 

3. Influence of shear-span/effective depth ratio (a/d). 
4. Influence of steel plate web thickness reinforcing. 

 
On the behavior of composite deep beams under two points 
loading with special attention to: 

• Overall deformation and behavior on the concrete 
surface, including strain measurement. 

• Inclined cracking and ultimate strength. 
 
Materials: 

1. Cement:  Ordinary Portland cement (type 1) 
produced by United Cement company (Tasluga-
Bazian), Sulymania- Iraq, was used throughout this 
work. Test results complying with ASTM Iraqi 
standards specifications IQS No.5/1984[4] 

2. Fine sand: Natural sand brought from AL-Akhaider 
region was used in concrete. The obtained results 
indicate that the sand used grading and the sulfate 
content were within the requirement of specifications 
ASTM C33-03[5] and IQS No.45/1984[6] 

3. Coarse Aggregate: Crushed river gravel with 
maximum particle size of 19mm was used as coarse 
aggregate for normal strength concrete mixes. 
Sampling was carried out in accordance with ASTM 
C702-98 (reapproved 2003) [7]. The grading curve 
that was obtained lies within the ranges defined by 
(IQR NO.45/1984) [6] 

4. Additive: Water reducing admixture Hyperplast 
PC200 has been used with concrete mix, to increase 

its workability and reduce mixing water, this additive 
is compatible with all Portland cements that meet 
international standers, it is complies with ASTM 
C494[8], type A and G. 

5. Properties of steel: The stress- strain relation of the 
steel reinforcing bars and steel plate have been 
investigated; the tensile test and modules of elasticity 
have been carried out at Center Organization for 
Standardization and Quality Control, Baghdad-Iraq. 
Plate 3.3A shows the testing machine (Tinius Olsen) 
with computer control of 1000 kN capacity used for 
mechanical testing of steel bars and steel plates. The 
modules of elasticity for both of plates and bars was 
obtained from the Extensometer instrument, which 
was added to the testing machine, the modules of 
elasticity values show convergent for both of plates 
and bars; therefore we transfer the steel bars to steel 
plates by equivalent amount. 

6. Reinforcing Steel Bars: Steel reinforcement 
according to ASTM A615/A615-05[9] was used; the 
same bars were used as longitudinal and shear 
reinforcement in the reference deep beam DB1. Bar 
designation No. 6, 13 and 16 mm deformed steel bars 
were used for shear reinforcement (vertical and 
horizontal), lifting hooks and longitudinal 
reinforcement, the test results were shown in Table 1. 

7. Steel Plate: Four different types of steel plates 
thickness were used in this research (2, 3, 4 and 6) 
mm; the steel plates comply with ASTM A370-5. 
[10]Three specimens were taken from each thickness, 
the test results were shown in Table 2. 

 
Concrete Mixes: Several mix designs were originally 
considered using the design method; also several trial mixes 
were performed. The final mixes used were shown in Table 3. 
Three different water cement ratios w/c were used (0.45, 0.40 
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and 0.35) the additive PC200 was used to insure adequate 
workability, its percent was of the weight of the cement. 
 

Table 3-Trial Mixes of Normal Concrete 

N
o.

 

M
ix

 
Pr

op
or

tio
n 

C
em

en
t 

kg
/m

³ 

Sa
nd

 
kg

/m
³ 

G
ra

ve
l 

kg
/m

³ 

W
/C

 
R

at
io

 

f ʹ
c (

28
 d

ay
s)

 
M

Pa
 

1 1:1.81:2.98 354 641 1054 0.40 25 
2 1:1.2:2.29 460 553 1054 0.35 35 
3 1:0.99:2.05 515 508 1054 0.30 40 

 
Mix-cast and curing of Concrete specimens: The mixing of 
concrete was carried out in an electric horizontal pan mixer of 
0.10 m³ capacity. The pan was first washed by water, then the 
dry fine and coarse aggregates were poured and mixed for 1 
minute and then the cement was added and well mixed for 
about 2 minutes to insure thorough interference of the 
ingredients and to disperse any agglomeration of the fine 
materials in the pan, then water was added, continuing the 
mixing process for 5 minutes until admixture started working 
then concrete was poured lightly into oiled wood  molds and 
well compacted by using electric rod vibrator foe about 3 
minutes to obtain adequate compaction. The surface of 
concrete (top face of each beam) was leveled off and a trowel 
was used to give the top a smooth finish, the molds were 
opened after 24 hours and curing was started for 28 days. With 
each beam, six cylinders of 150 mm in diameter and 300 mm 
in height were cast in order to determine the compressive 
strength of concrete and splitting tensile strength. 
 
Results and Discussion: 
Compressive Strength (f ʹc): Strength of concrete (f ʹc) was 
determined by testing three standard cylinders (150×300) mm 
at 28 days from each mix batch were tested by using a 
hydraulic compression testing machine (Digital Display 
Building Material Compression Testing Machine) of 3000 kN 
capacity according to ASTM C39/C39M-05[11]Table 4. Shows 
results of compressive strength tests for the tested deep beams 
used in this study. Figure1 shows the failure of cylinders. 
 
Splitting tensile strength (fct): The indirect tensile strength 
(splitting tensile strength) tests were carried out by testing 
three standard concrete cylinders of (300×150) mm for each 
batch mix according to ASTM C496M-04[12] specifications at 
the age of testing the deep beam specimens; the concrete 
cylinder was placed in a horizontal position fitted between 
platens of the same compression testing machine. The 
concrete cylinder fails when a longitudinal crack breaks the 
cylinder into two halves. Table 4 shows results of splitting 
tensile strength tests for all the tested deep beams of this 
study. 
 
Table 4-Concrete Splitting Tensile Strength (fct) for the Tested 

Deep Beams 

Beam No. f ʹc  
(MPa) 

Pu 
(kN) 

fct 
(MPa) 

DB1 28.26 196.5 2.78 
DB2 30.32 204.28 2.89 
DB3 24.00 187.30 2.65 
DB4 38.00 212.06 3 
DB5 28.64 201.45 2.85 
DB6 29.51 204.98 2.9 
DB7 29.25 200.74 2.84 
DB8 30.50 206.40 2.92 

 
Test Response of Individual groups of Composite Deep 
Beams: The eight deep beams tested in this study were 
divided into four groups according to parametric study. Table 
5.3 Shows these properties of 8 deep beams, including a/d, f ʹc 
and web plate thickness. The deep beam designated as DB2 
was taken as a control deep beam. The cracking loads due to 
initiation of shear and flexural effects with their deflections, 
ultimate load, mid-span deflections and lateral support 
displacement at ultimate stages are shown in Table 5. 

Effect of type of steel reinforcing concrete: Two deep beam 
specimens (DB1 steel bar reinforced concrete) had main 
tensile reinforcement (3Ø16, ρ t of 1.148%), with vertical and 
horizontal web reinforcement (ρv = ρvh = 0.555 %). And (DB2 
steel plate reinforcing concrete), its reinforced by structural 
plate as I section shape, its top plate had a thickness of 2 mm 
with 60 mm width and 1300 mm length and the bottom plate 
had 6 mm thickness with 100 mm width and 1300 mm length 
with 3mm web plate thickness. Both of them had concrete 
compressive strength (f ʹc of 30MPa) and shear span/depth 
(a/d=1.2), the behavior of test deep beam (DB1) started with 
the formation of flexural cracks at 140kN and then inclined 
crack is developed at 160kN of left shear zone, the general 
behavior of deep beam (DB2) was similar to that of the 
previous deep beam. The beam first developed a few small 
lengths of flexural cracks at load 72.5kN and then developed 
inclined crack at 95 kN of right shear zone ceased at about 
0.35h below the beam top surface. The experimental results 
show that when the specimen DB2 is reinforced with steel 
plate, the ultimate strength is decreased by 9.13% as compared 
with specimen DB1 which was reinforced with steel bars. The 
midspan load-deflection relationship for deep beam test 
specimens DB1 and DB2 indicated that, the type of steel 
reinforcement had no significant influence on the behavior of 
midspan vertical deflection, also the horizontal displacements 
are smaller than midspan vertical deflection in all tests, where 
the ratio between them (horizontal/vertical) is 56.13 % for 
SBRC deep beam and 21.19% for SPRC. 

 

 

 

 
 

Table 5- Experimental Results of the Tested Deep Beams 
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DB8 **
* 
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* 
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1.
79
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0 

8.
38

 

10
 

*δv (u): Refers to ultimate mid-span vertical deflection 
** δh (u): Refers to ultimate horizontal support displacement. 
***: No shear crack. 

 
Effect of Concrete Type (f ʹc): Deep beams of this group had 
a constant shear span to effective depth (a/d) ratio of 1.2. 
Amount of main tensile reinforcement and web plate thickness 
was 3 mm. The effects of the variation of (f ʹc) on the behavior 
of composite deep beams are studied. Three values of  (f ʹc) 
24, 30.32 and 38MPa of DB3, DB2 (Reference deep beam) 

and DB4. The crack pattern was hardly affected by the type of 
concrete, in general midspan vertical deflection increases as 
the compressive strength of the beam’s concrete is decreased; 
the horizontal displacements are smaller than midspan vertical 
deflection in all tests, where the ratio between them 
(horizontal/vertical) is in the range of 19.93 % and 38.38%. 
And when the compressive strength changes from f ʹc = 
24MPa to 38MPa, the ultimate strength is increased by about 
17.12%. 
 
Effect of a/d ratio: This group consists of two deep beams 
DB5 and DB6. The deep beam specimens had a constant 
concrete compressive strength (f ʹc) with the same mix 
proportions, amount of main tensile reinforcement and web 
plate thickness of 3mm. (a/d) ratios were 1.0, 1.2 and 1.4 for 
DB5, DB2 (Reference deep beam) and DB6. The first flexural 
crack for DB5 with a/d = 1.0 occurred at 72.5kN. The 
formation of some inclined cracks, with audible sound, in the 
right shear span panel was recorded at 90kN to 130kN load. 
The deep beam DB6 (a/d=1.4) of this group had similar 
behavior to those of DB5 (a/d = 1.0) and DB2 (a/d = 1.2) but 
had different amounts and length of shear cracks and flexural 
cracks. Midspan vertical deflection increases as the shear 
span/depth ratios are increased. The deep beam DB6 with a/d= 
1.4 showed some ductility undergoing higher deformations 
than those of DB5 and DB2.In general the horizontal 
displacements are smaller than midspan vertical deflection in 
all tests, where the ratio between them (horizontal/vertical) is 
in the range of 25.34% and 48.55%. Also when the ratios 
increase from 1.0 to 1.4 the ultimate strength is decreased by 
3.82%. 
 
Effect of steel plate web thickness: Two deep beam 
specimens (DB7) and (DB8) had the same concrete mix 
proportion, shear span/depth ratio (a/d = 1.2) and amount of 
main tensile reinforcement plate (1300×100×6 mm). Types of 
web thickness were (2, 3 and 4 mm) of DB7, DB2 (Reference 
deep beam) and DB8. For DB7 with web plate thickness 2mm. 
The first flexural crack occurred at 77.5kN. The formation of 
some inclined cracks, with audible sound, in the right shear 
span panel was recorded at 96kN, the behavior of deep beam 
DB8 with web plate thickness = 4 mm is started with the 
formation of flexural cracks formed near the midspan 
extending upwards of the beam at load 77.5kN.  On further 
loading few new cracks appeared, there is no shear crack 
appears through all the test loading levels, the horizontal 
displacements are smaller than midspan vertical deflection in 
all tests, where the ratio between them (horizontal/vertical) is 
in the range of 29.32% and 56.08%. When the steel plate web 
thickness increases from 2mm to 4mm the ultimate strength is 
increased by 6.58 % and the final midspan vertical 
deformation is decreased by 29.5%. 
 
Stress-Strain Behavior: Stainless steel discs (demec) of 
4.8mm diameter were used with digital extensometer to 
measure the surface concrete strain of all deep beam 
specimens. The strain demec points were located at the critical 
location at symmetrical sides of the line joining load 
application location and support position (load path), and 
located at sides of midspan depth. The arrangement and 
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locations of demec points were glued after careful preparation 
of the deep beam concrete surface. 
The strains distribution through the midspan section of the 
beam can no longer be considered as linear because of the 
effect of shear deformation that is neglected in normal beams. 
The results of surface concrete strain were highly affected by 
the formation of cracks, depending on the relative position of 
demec points and the cracks. The effect was found to be 
pronounced when such cracks formed through or at the 
vicinity of the demec points. Formation of critical inclined 
cracks, in particular, exerted a sudden increase in the principal 
tension strain obtained from the demecs which were located 
on the sides of line joining applied load position to support 
location (load path). All demecs were symmetrically located 
on the both sides of the midspan. Plates a to h shows the 
loading failures stages in beam DB1 to DB8. 
 
Conclusions: 

1. The influence of variation of the type of 
reinforcement of the deep beams from steel bar 
reinforced concrete deep beams to steel plate 
reinforced concrete decreased the ultimate strength 
by 9.13%. 

2. It was found that as the compressive strength 
increases from f ʹc = 24MPa to 38MPa, the ultimate 
strength is increased by 17.12%. 

3. The test results reveal that the ratios of a/d increased 
from 1.0 to 1.4, the ultimate strength is decreased by 
3.82%. 

4. When the steel plate web thickness increases from 
2mm to 4mm the ultimate strength increased by 6.58 
%. 
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(a)- Reinforced concrete deep beam (DB-1) 

 
(b) 
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Plates (a to h) – Reinforced and Composite Concrete Deep Beams at Failure Stages 
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Abstract— The present experimental and theoretical 

investigation aims to study the shear behavior of composite 
concrete members which consisting from precast-prestressed 
concrete beams and reactive powder concrete slabs, as well as 
knowledge the impact and effectiveness of using the reactive 
concrete powder slab on the shear behavior of the composite 
member compared to conventional concrete slab for the same 
composite member, that was studied in this research as well. 
Experimental work included casting and testing seven composite 
concrete members and the only difference between them was the 
quality of the concrete slab either precast-prestressed concrete 
beam was similar for all of them. The results showed that the 
shear behavior has been improved when using the reactive 
powder in concrete slab compared with traditional concrete slab. 
The ultimate shear strength (Vu) and diagonal cracking load 
(Vcr) increased to (20.31%) and (13%) respectively with using 
the reactive powder concrete slab compared to composite 
concrete member with normal concrete slab (SB7). It was found 
that the increase of steel fiber volumetric ratio (Vf) % form (0 to 
1%) increased ultimate shear strength Vu by (12.63 to 31.82%) 
respectively. Also, it was found that the increase of shear-span to 
depth ratio (a/d) from (2 to 3.5) decreased both diagonal cracking 
load Vcr by (7.15 to 28.57%) and ultimate shear strength Vu by 
(8.34 to 31.8%).  For this analysis, a system of computer program 
(ANSYS V.12.1) is used for this study. The precast-prestressed 
concrete, reactive powder concrete  and normal concrete slab 
were modeled by 8-noded isoparametric brick elements (Solid 65), 
while the steel reinforcing bars and prestressed strand were 
modeled as axial members (bar elements Link8) connecting 
opposite nodes in the brick elements with full interaction 
assumption. Good agreement with the experimental tests of some 
previous studies was obtained using ANSYS solution. The 
maximum difference with experimental test is found to be less 
than 6%. 

 
Keywords: precast-prestressed concrete beam, reactive 

powder concrete, shear strength. 

I. INTRODUCTION 
   Reactive powder concrete (RPC) is known as a kind of novel 
cement-based composite material with ultra-high strength and 
outstanding performance. Embedding a certain amount of short 
steel fibers in the matrix can improve the RPC’s toughness and 
overcome the disadvantage of high brittleness. It was 

 

originally initiated by a French company BOUYGUES in 
1990.Since then, for improved physical and mechanical 
behaviors, RPC has been rapidly boosted in many application 
fields, e.g. civil engineering, hydraulic engineering, mining 
engineering, bridge construction and military work Yao and 
Zhou (2005). Thus a good connection between the two 
elements of the composite system is essential. This can be 
done artificially by roughening the interface surface, providing 
a bonding agent, and / or using shear connectors mostly in the 
form of extended stirrups, Al-Thebhawi (2005). 

II. MATERIALS 

1) Cement 
   Sulfate resisting cement (type V) was used for precast-
prestressed concrete beams while ordinary Portland cement 
(type I) was used for reactive powder concrete slab and normal 
concrete slab. The two types of cement are conforming to (IQS 
N0. 5/1984). 
 
2) Fine Aggregate 
   Al-Ekhaider natural sand was used as fine aggregate. Results 
indicate that the grading and sulfate content are conformed to 
the requirements of (IQS No.45/ 1984). 
 
3) Coarse Aggregate 
   Crushed coarse aggregate was brought from Al-Nibeay 
region with maximum size of 10mm. the coarse aggregate was 
washed, and then stored in air to dry. The grading and the 
physical properties of this aggregate content conformed to the 
Iraqi specification (IQS No.45/ 1984). 
 
4) Water & Super-plasticizer 
   Tap water is used throughout this work for both mixing and 
curing of concrete. DEGASET PC 7070 is high range water 
reducing used for precast-prestressed concrete while Sika-
visconcrete-5930 was used for reactive powder concrete. 
 
5) Silica Fume 
   Micro silica (Grade 85 D) from Leyco Chem LEYDE-Iraq 
are genuine, not adulteration, directly collected from 
ferrosilicon & silicon Metal factories was used. Silica fume 
conforms to the requirements of (ASTM C1240-03). 
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6) Steel Fiber 
   Ultra-fine steel fibers were used throughout this work. This 
type of ultra-fine steel fibers was manufactured by the 
Ganzhou Daye Metallic Fibres Co., Ltd, China. 

III. EXPERIMENTAL PROGRAM 
   Experimental tests were carried out in the laboratory of the 
civil engineering department of the Karbala University. Six 
composite concrete members are consisting from precast-
prestressed concrete beams with reactive powder concrete 
slabs and one composite concrete member with normal 
concrete slab. Details and dimensions for composite section 
shown in Figure (1).Test span of beams was measured at 1800 
mm. The load was imposed consistently and measured by a 
load cell shown in Plate (1). The beams were tested in 
monotonically increasing load until the ultimate load (total 
failure of the specimen). 

 
 
 
 
 
 
 
 
 
 
 
 

Figure (1) Details and Dimensions for composite member. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
         Plate (1) Test setup 
 

1) Mechanical Properties of Prestressed Concrete, RPC 
and Normal Concrete 

   Table (1) shows the results of tests of mechanical properties 
(compressive strength, flexural strength and splitting tensile 
strength) of prestressed concrete, reactive powder concrete and 
normal concrete. Results show that when steel fibers ratio 
increases from 0% to1%, compressive strength, flexural 
strength and splitting tensile strength increase by 30.02%, 
96.41% and 77.18%, respectively. It is clearly shown that the 
effect of steel fibers on flexural strength and splitting tensile 
strength is higher than that on compressive strength. This 
assures that steel fibers are used mainly to improve tensile 
properties of RPC. 

TABLE (1) MECHANICAL PROPERTIES OF PRESTRESSED CONCRETE AND RPC 

 
2) Test Results and Discussion 
   Figure (2) shows the effect of using the reactive powder 
concrete slab on shear behavior for composite concrete 
members. The ultimate shear strength (Vu) and diagonal 
cracking load (Vcr) increased to (20.31%) and (13%) 
respectively with using of reactive powder concrete slab for 
composite member (SB3) compared to composite concrete 
member with normal concrete slab (SB7) as shown in Figure 
(3). The shear behavior of the composite concrete beams with 
variable amount of steel fiber and shear-span to effective depth 
ratio shown in Figures (4 to 7). Table (2) shows that by 
increasing the volume fraction of fibers from (0 to 1%) the 
diagonal cracking load increases to 9.21% and 14.47% 
compared with the control non-fibrous beam SB1, 
respectively. Also for the same increase in the volume fraction 
of fibers, the ultimate shear strength increases to 12.63% and 
20.23% compared with the control non-fibrous beam SB1, 
respectively. It can be clearly seen from Table (2) that by 
increasing the (a/d) ratio from (2.0 to 3.5), the diagonal 
cracking load decreased to 10.31%, 21.65 % and 32.48 % 
compared with 2.0 (a/d) ratio, respectively. Also for the same 
increase in the (a/d) ratio the ultimate shear strength decreases 
to 8.34%, 23.82% and 31.84% compared with 2.0 (a/d) ratio, 
respectively. 
 
 
 
 
 
 

Type of 
concrete 

Steel fiber 
ratio% 

Compressive 
strength f’c 

(MPa) 

Flexural 
strength frf 

(MPa) 

Splitting 
tensile 

strength fsp 
(MPa) 

Prestressed 
concrete ------------- 49.9 9 4.8 

RPC 

0 93.45 8.64 6.88 

0.5 103.54 12.95 9.3 

1 121.5 16.97 12.19 

Normal 
concrete ------------- 32.8 5.1 4.3 
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TABLE (2) RESULT OF COMPOSITE BEAMS TESTS 
 

 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (2) Effect of RPC slab on load-deflection behavior for composite 
beams 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (3) Effect of RPC slab on diagonal cracking load and ultimate shear 
strength for composite beam 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (4) Effect of steel fiber ratio on load-deflection behavior for composite 
beams 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (5) Effect of (a/d) ratio on load-deflection behavior for composite 
beams 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Beam 
No. 

Type of 
concrete 
flange 

Steel 
fiber 

ratio% 
(a/d) 

Diagonal 
cracking 
load (kN) 

Ultimate 
shear 
load 
(kN) 

SB1 Reactive  0 2.5 152 190 
SB2 Reactive  0.5 2.5 166 214 
SB3 Reactive  1 2.5 174 228.6 
SB4 Reactive  1 2 194 249.4 
SB5 Reactive  1 3 152 190 
SB6 Reactive  1 3.5 131 170 
SB7 Normal  -------- 2.5 154 190 
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Figure (6) Effect of steel fiber ratio on diagonal cracking load and ultimate 
shear strength 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (7) Effect of (a/d) ratio on diagonal cracking load and ultimate shear 
strength 

IV. FINITE ELEMENT REPRESENTATION OF REINFORCED 
CONCRETE BEAM 

The element types for this model are shown in Table (3).The 
SOLID65 element was used to model the precast-prestressed 
concrete and RPC. This element has eight nodes with three 
degrees of freedom at each node translation in the nodal x, y 
and z directions. This element is capable of plastic 
deformation, cracking in three orthogonal directions and 
crushing. Link 8 was used to represent the ordinary 
reinforcement and prestressing strand (15.24), SOLID45 
element were used to model the plate loading, ANSYS-12.1.   
 
 

TABLE (3) ELEMENT TYPES FOR WORKING MODEL. 
ANSYS element Material type 

SOLID 65 
LINK 8 

SOLID45 

Prestressed concrete and reactive powder concrete 
0rdinary reinforcement, prestressing stand and shear 

connecter 
Plate loading  

 
1) Concrete Brick Element 
   The 8-node isoparametric linear element (SOLID65) 
in ANSYS 12.1 program used in this study. Each of 
the eight corner nodes has three degrees of freedom u, 
v, and w in the X, Y and Z directions respectively. 
 
2) Finite Element Idealization of Reinforcement 

In this study the discrete model is used to represent steel 
reinforcement and prestressing strand. The three-dimensional 
two-node bar element (link8) is a uniaxial tension-compression 
element with three degrees of freedom at each node (nodal 
translation in x, y and z) directions. The axial normal stress is 
assumed to be uniform over the entire element. 

 
3) Idealization of Steel Plates 
   To prevent stress concentration problems and to provide 
stress distribution over the loading areas, steel plates are added 
at loading locations in the finite element models (as in the 
actual beams). Solid element (SOLID45) is used to present the 
steel plates. The steel plates are assumed to be linear elastic 
materials. 
 
4) Stress-Strain Relationship  
   The Solid 65 element requires linear isotropic and 
multilinear isotropic material properties to properly model 
concrete. The modulus of elasticity was calculated for precast-
prestressed concrete by equation ACI 318-11 Code: 

                                                              …… (1)  

The equation of Murtada (2013) can be applied for RPC:  
                                                …… (2) 

The ANSYS program requires the uniaxial stress-strain 
relationship for concrete in compression as shown in Figure 
(8). Numerical expressions, equations (3) and (4), were used 
along with equation (5) Gere and Timoshenko (1997) to 
construct the uniaxial compressive stress-strain curve for 
precast-prestressed concrete in this study. 

                                   …… (3)  

                                            …… (4) 

            …… (5) 
Where:  

ƒ = Stress at any strain,   

ε = Strain at stress ƒ. 
εο = Strain at the ultimate compressive strength ƒ'c. 
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Figure (8) Simplified compressive uniaxial stress-strain curve for concrete 
Gere and Timoshenko (1997). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (9) Simplified compressive uniaxial stress-strain curve for RPC 
Hannawayya (2010). 
 
   Multi-linear isotropic stress-strain curve for RPC as shown 
in Figure (9) and using the following equations: 

       … (6) 
  … (7) 

    … (8) 
Where: 

Strain corresponding to 0.7  defined by:- 
                       …… (9) 

 
5) Modeling of Reinforcement 
   Typical stress-strain curves for reinforcing steel bars used in 
concrete construction are obtained from coupon tests of bars 
loaded monotonically in tension. For all practical purposes 

steel exhibits the same stress-strain curve in compression as in 
tension. The steel stress-strain relation exhibits an initial linear 
elastic portion, a yield plateau, a strain-hardening range in 
which stress again increases with strain and finally a range in 
which the stress drops off until fracture occurs. The extent of 
the yield plateau is a function of the tensile strength of steel, 
Figure (10). 
Where: Ew = 0.1Es 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (10) Typical stress-strain curve for steel bar, Mattock 
(1981). 
 
6) Finite Element Idolization  
   Analysis process in ANSYS program was in two stages, the 
first stage of composite member’s analysis was under the 
influence of the initial strain of prestressing strand and the 
occurrence of camber, the second stage of composite 
member’s analysis was under the influence of external loads. 
The external load was represented in the finite element model 
by 32 equivalent nodal load, Figure (11). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (11) Finite elements mesh and load simulation for beams used in 
ANSYS program 
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7) Results of Finite Element Model  
   Figures (12, 13, 14) shown the relationship between 
deflection at beam mid-span and load, for both the 
experimental tests and the numerical analyses (assuming 
perfect bond). The analytical ultimate deflection (25.1, 20.1, 
19.21mm) is detected quite well compared with that 
experimentally observed (23.1, 21.8, 22.5mm) for beam (SB3, 
SB2, SB1) respectively. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (12) Experimental and finite element analysis behavior for composite 
beams (SB1) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (13) Experimental and finite element analysis behavior for composite 
beams (SB2) 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure (14) Experimental and finite element analysis behavior for composite 
beams (SB3) 

V. CONCLUSION  
1. The ultimate shear strength and diagonal cracking load 

of composite concrete member is affected by using 
reactive powder concrete for slab instead of normal 
concrete. The ultimate shear strength can be increased 
from (190 kN to 228 kN), while the diagonal cracking 
load increased from (154 kN to 174 kN) when 
compared with composite concrete member has 
normal concrete slab (SB7). 

2. Deflection is decreased with using of the RPC slab. 
This may reach to (36%) for deflection at service load 
(65% of ultimate load) comparison with composite 
concrete members having normal concrete slab 
(SB7).  

3. The three-dimensional nonlinear finite element model 
presented in this study by using the computer 
program (ANSYS V.12.1) is able to simulate the 
shear behavior of composite concrete members. The 
numerical results were in good agreement with 
experimental load-deflection curves throughout the 
entire range of behavior. 

4. Using steel fibers with =0.5% and 1% increased the 
diagonal cracking load by about 9.21% and 14.47% 
respectively.  

5. Using steel fibers with =0.5% and 1% increased the 
ultimate shear strength by about 12.63% and 20.23% 
respectively.  

6. It can be clearly seen from results that by increasing 
the (a/d) ratio from 2.0 to 2.5, 3.0 and 3.5, the 
diagonal cracking load decreased to 10.31%, 21.65 
%, and 32.48 % respectively. Also for the same 
increase in the (a/d) ratio the ultimate shear strength 
decreases to 8.34%, 23.82% and 31.84% 
respectively. 
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7. The presence of steel fibers in RPC gives some
improvement to its compressive strength. Increasing 
Vf from 0% to 0.5% and 1% resulted in an increase 
in compressive strength of the order 10.8% and 
30.02% respectively. 

8. It was found that the addition of steel fibers to RPC
mixes resulted in a higher improvement of splitting 
tensile strength and modulus of rapture than of 
compressive strength. The splitting tensile strength 
and modulus of rupture of RPC was found to increase 
by 77.18% and 96.41% respectively as steel fibers 
volume ratio increased from 0 to 1%. 
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Abstract.The aim of the present research is to study the 
behavior of the reinforced concrete beams strengthened 
in flexure with carbon fiber composites techniques 
namely Near Surface Mounted (NSM) and External 
Bonded Reinforcement (EBR).  In the present research, 
an experimental study have been devoted to investigate 
the behavior of self-compacting R/C simply supported 
beams strengthened with different types of CFRP 
composite products. The work consists of fabrication 
and testing of seventeen reinforced concrete beams with 
cross section of (200 x 250 mm) and total length (1300 
mm) which were tested under two-point loads. Two of  
them where not strengthened and tested as control 
beam and four beams were retrofitted after it has been 
loaded up to service load, other beams were 
strengthened and tested subsequently up to failure, 
where their failure mode was monitored and ultimate 
load capacity was recorded. Besides, the strains and 
crack width and crack pattern were measured in 
concrete at different load levels.  

The results showed a significant increase in 
ultimate load capacity ranging from (4.65% to 33.72%) 
which were recorded  in all strengthened beams, as 
compared to the control beams. Also, the results showed 
higher flexural strength when using NSM technique by 
(rods) in comparison with others. In addition, the 
current work included studying the effect of carbon 
fibers in the rehabilitation of reinforced concrete 
beams. The results reflected the good ability of the 
carbon fibers in the rehabilitation of the damaged 
beams by showing an increase in the flexural capacity of 
the beams ranging (18.6%-45.35%). The best 
rehabilitation was by using NSM technique by (plate). 

Keywords: Self-compacting concrete, R/C beams, 
CFRP strengthening, NSM technique 

I. INTRODUCTION 

ONCRETE that requires little vibration or 
compaction has been used in Europe since the 

early 1970s but self-compacting concrete was not 
developed until the late 1980's in Japan. In Europe it 
was probably first used in civil works for 
transportation networks in Sweden in the mid 1990's. 
The ''Testing-SCC project'' funded by a multi-
national, industry has led project ''SCC'' 1997-2000 
and since then SCC has found increasing use in all 
European countries(1,2). 

Fiber Reinforced Polymer (FRP) 
composites as a  strengthening material in the 
construction industry has been in use for almost 
twenty years until now, with the first applications in 
Japan and Switzerland. The number of strengthening 
projects utilizing FRP around the world is increasing 
as the method becomes more accepted and design 
guidelines are developed. There is a wide range of 
applications for FRP reinforcement that covers new 
construction as well as the rehabilitation of existing 
structures. CFRP was a combination of carbon fibers 
and epoxy resin matrix. CFRP laminates with 
unidirectional structural properties as they have very 
high strength and rigidity in the fiber direction and 
outstanding fatigue characteristics (3).   
          The NSM method is based on the technique, 
whereby the bar-shaped or strip-shaped FRP elements 
are placed as additional reinforcement in the groove 
made in concrete cover, and they are embedded in 
epoxy or cement resins (adhesives), which creates 
adhesion with the concrete, and provides anchoring(4). 

II. EXPERIMENTAL PROGRAM

A. Description of specimens 

        In this work, the beams were designed  to study 
the flexural response of strengthened self-
compacting RC beams. Fifteen CFRP-strengthened 

Behavior of Self-Compacting R/C Simply 
Supported Beams Strengthened with NSM 

CFRP Composites 
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RC beams and two control beams without 
strengthening were tested. Eleven of them 
strengthened and four retrofitted with CFRP 
composites in flexural (see Table 1). All beams had 
the same dimensions and flexural reinforcement. 
The beams had a length of 1300 mm, 200mm width 
and 250mm depth cross section. Fig. (1), shows the 
dimensions and the reinforcement arrangement.  
 
B. Materials 

Cement: Ordinary Portland cement Type I produced 
at northern cement factory (Tasluja) is used 
throughout this study which conforms to the Iraqi 
specification No. 5/1984. 

Fine Aggregate: Al-Ukhaider natural sand is used. 
The  used  sand   complies   with   the  Iraqi  Standard   

 

 

 

 

 

 

 

 

 

 

Fig. (1): Reinforcement details of the tested beam specim

 Specification No.45/1984 
Coarse Aggregate: Rounded gravels from Al-Nibaee 
area are used in this study with a maximum size 10 
mm. The used gravels complies with the Iraqi 
Standard Specification No.45/1984. 
Mixing Water: Ordinary tap water was used for 
casting and curing all the specimens. 
Steel Reinforcement: Deformed steel bars with 
nominal diameter of 12mm and 10mm were used in 
this study. Yield tensile strength were 569MPa,and 
520MPa,for (12mm) and (10mm) bars receptively. 
Limestone Powder (LSP):Limestone powder (locally 
named as Al-Gubra) was a white grinding material 
from lime-stones excavated from different regions in 
Iraq. It has been used as filler for concrete production              
for many years. It has been found to increase 
workability and early strength, as well as to reduce 
the required compaction energy.    
Super plasticizer (SP): For the production of SCC, a 
super plasticizer (high water reducing agent HWRA) 
based on poly carboxylic ether was used. One of a 
new generation of polymer-based SP designed for the 
production of SCC, the normal dosage for Glenium 
51 is (0.5 - 1.6) liter/100kg of cement.  Glenium 51 is 
free from chlorides, complies with ASTM C494 types 
A and F, and it is compatible with all Portland 
cements that meet recognized international standard. 

C. Mix Design for Self-compacting Concrete 

The mix design of SCC was based on the European 
Guidelines for Self Compacting Concrete (2005), and 
the details of this mix are shown in Table (2). Fresh 

and hardened concrete properties are given in Tables 
(3), (4) respectively. 

D. Carbon Fiber Reinforced Polymer (CFRP)  

When loaded in tension, CFRP fibers did not exhibit 
any plastic behavior (yielding) before rupture. The 
tensile behavior characterized by a linearly elastic 
stress-strain relationship up to failure, which is 
sudden and can be catastrophic. SikaCarboDur® type 
S512, SikaWarp® Hex-230C and Aslan 201 CFRP 
Bar were used as flexural strengthening. (See Fig. 
(2)). 

The mechanical properties of CFRP composites 
used here are taken from manufacturing 
specifications (Sika,2009 and Aslan 201). 
 

E. Bonding Materials 

 Sikadur®-30 (epoxy adhesive) and Sikadur®330 
(impregnation resin) were used in this work for the 
bonding of CFRP plates and sheet, respectively.   

  
F. Fabrication 
Four sets of plywood formworks were fabricated. The 
formworks were prepared with internal dimensions of 
200 mm width, 250 mm height and 1300 mm length. 
The molds were made from wooden frame for the 
sides  and  plywood  blocks  were  used  for  the  base  
to  obtain  smooth surfaces. Then, reinforcement is 
put and concrete is cast and cured. 
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G. Application of CFRP Composites 

External strengthening was followed the 
procedure recommended by the manufacturer. The 
NSM technique was made as shown in Fig. (3). 

 

H. Test Setup  
  Beam specimens were tested as simply 

supported beams over 1100mm span using 2000kN 
capacity hydraulic machine  , as shown in Fig.(4). 

 
 

III. EXPERIMANTAL RESULTS 

A. Crack Pattern 
              The crack patterns at failure of some of the 
tested beams are given in Fig. (5). More and smaller 
cracks using NSM technique in comparison with 
EBR technique.  

 
B. Crack Width 

           In the present study, the cracks were measured 
by using the crack-meter. The results are shown in 
Fig.(6). In general, for the same load, the crack width 
is smaller for the strengthened  specimens. 

 
C. Strain of concrete 

The distribution of concrete strains at mid span 
section of the tested beam specimens was measured 
using ten demec discs over the depth of each beam at 
mid-span. The concrete strain distribution over the 
depth of all the tested beams at different load levels is 
shown in Fig.(7).  

 Generally, it can be seen that the strain distribution 
remained approximately linear in compression zone 
throughout loading range. While in the tension zone, 
the strain distribution is approximately linear at low 
loads and becomes nonlinear at higher loads due to 
cracking.  
 
 

 
 
 
 
Table (1): Characteristics of beam-specimen

Group 

(1) 

Sheets 

Specimens 
Cross 

Section 
(mm) 

Type of 
Strengthening 

CFRP 
thick. 
(mm) 

 
 

BC 
 
 

 

Unstrengthen.  
Beams -------- 

EBR-S1 

 
 
 

 
 

External 
Bonded 

Reinforced 
CFRP Sheet 

0.131 

EBR-S2 

 
 
 
 
 

External 
Bonded 

Reinforced 
CFRP Sheet 

0.131 

NSM-S1 

 
 
 
 
 

Near Surface 
Mounted 

CFRP Sheet 
0.131 

NSM-S2 
 

 
 
 
 
 

Near Surface 
Mounted 

CFRP Sheet 
0.131 

RNSM-S1 
 

 
 
 
 
 
 

 Retrofitted 
Near Surface 

Mounted 
CFRP Sheet 

0.131 
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Table (1): Continued 

 

 

 

 

 

 

 

 

 

 

 

 

 

Table (1): Continued 

Group 

(2) 

Plates 

Specimens 
Cross 

Section 
(mm) 

Type of 
Strengthen. 

CFRP 
thick. 
(mm) 

 
 

EBR-P1 
  
 
 

 
External 
Bonded 

Reinforced 
CFRP plates  

1.2 

 
 

EBR-P2 
 

 

 
External 
Bonded 

Reinforced 
CFRP plates 

1.2 

 
 

NSM-P1 
 
 
 
 

 
 
 
 
 
 

Near Surface 
Mounted 

CFRP Plates 
1.2 

 
 

NSM-P2 
 
 

 

 
Near Surface 

Mounted 
CFRP Plates 

1.2 

 
 
 

RNSM-P1 
(Vertical) 

 
 

 
 Retrofitted 

Near Surface 
Mounted 

CFRP Plates 
(one 

vertical) 

1.2 

 
 

RNSM-P1 
(Horizontal)   
 

 

 
Retrofitted 

Near Surface 
Mounted 

CFRP Plates 
1.2 

 

 

 

 

 

 

Group 

(1) 

Sheets 

Specimens 
Cross 

Section 
(mm) 

CFRP 
width 
(mm) 

Length 
(m) 

 
 

BC 
 
 

 

-------- -------- 

EBR-S1 

 
 
 

 
 

50 1.00 

EBR-S2 

 
 
 
 
 

100 0.5 

NSM-S1 

 
 
 
 
 

50 1.00 

NSM-S2 
 

 
 
 
 
 

100 0.5 

RNSM-S1 
 

 
 
 
 
 
 

50 1.00 
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Table (1): Continued 

Group 

(2) 

Plates 

Specimens 
Cross 

Section 
(mm) 

CFRP 
width 
(mm) 

Length 
(m) 

 
 

EBR-P1 
  
 
 

 

25 1.00 

 
 

EBR-P2 
 

 

 

2*25 0.5 

 
 

NSM-P1 
 
 
 
 

 
 
 
 
 
 

25 1.00 

 
 

NSM-P2 
 
 

 

 

2*25 0.5 

 
 
 

RNSM-P1 
(Vertical) 

 
 

 

25 1.00 

 
 

RNSM-P1 
(Horizontal)   
 

 

 

25 1.00 

 

 

 

 

 

 

 

Table (1): Continued 

Group 
(3) 

 Rods 
 

Specimens 
Cross 

Section 
(mm) 

Type of 
Strengthen. 

CFRP 
diameter 

(mm) 

NSM-b1 

 
 
 
 
 
 
 

Near Surface 
Mounted 

CFRP Rod  
ø6   

 
 

NSM-b2 
 
 
 

 

Near Surface 
Mounted 

CFRP Rod 
ø6   

 
 

RNSM-b1 
 
 
 

 
Retrofitted 

Near Surface 
Mounted 

CFRP Rod  
ø6   

 
 
 

BIb 
 
 

 
Internal 

Reinforceme
nt 

Rod 
 

ø6   
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Table (1): Continued 

Group 
(3) 

 Rods 
 

Specimens 
Cross 

Section 
(mm) 

 
Number 
of CFRP 

rods 
  

Length 
(m) 

NSM-b1 

 
 
 
 
 
 
 

1 1.00 

 
 

NSM-b2 
 
 
 

 

2 0.5 

 
 

RNSM-b1 
 
 
 

 

1 1.00 

 
 

BIb 
 
 

 

8 1.20 

 
Note:  to define the sample in name of specimens in 

table above as shown below: 

• (BC):Control beam without strengthening. 
• (EBR): External Bonded Reinforced. 
• (NSM):Near Surface Mounted. 
• (S):CFRP Sheet. 
• (P):CFRP Plate. 
• (b):CFRP rod. 
• (I):  Internal Reinforcement. 
• (1) : for the length of CFRP = (1.00 m) 
• (2): for the length of CFRP = (0.5 m) 
• (R): Retrofitted  beam 

 

 

 

D. Load-Deflection Curves 
Three dial gages were placed one at mid span 

point, and two at the supports to measure the 
deflection. Generally, it can be observed that the load 
versus mid-span deflection response can be divided 
into three stages of behavior. The first stage was 
characterized by an approximately linear relationship. 
The second stage represents the behavior beyond the 
initial cracking of the composite section where the 
stiffness of the beam was decreased as indicated by the 
reduced slope of the load versus mid-span deflection 
curve. The end of this stage was distinguished when the 
main steel reinforcement start to exhibit inelastic 
behavior. The third stage was characterized by a 
decreasing slope of the curve, where the tension steel 
reinforcement reaches the strain hardening stage. In 
general, strengthened specimens show stiffer behavior 
than control one.  See Fig. (8). 
 

Table (2): Details of mix proportion. 

Cement 
Kg/m3 

Sand     
Kg/m3 

Gravel 
Kg/m3 

LSP 
Kg/m3 

Water  
l/m3 

G51 
l/m3 W/P 

425 805 750 160 200 3 0.34 
 

Table (3): Results of testing fresh SCC property in experimental 
work. 

Slump flow  
(mm)  

T50  
Sec.  

L-box 
(H2/H1) 

T20 
Sec. 

T40 
Sec. 

690 4.1 0.85 0.1 6.9 
Acceptance criteria for Self-Compacting Concrete (SCC) 

650-800  2-5 
 0.8-1  -  -  

 
Table (4): Results of testing of Mechanical Properties of 
 Hardened Concrete. 

Compressive 
Strength (MPa) 

Splitting 
Tensile 

Test 
 (MPa) 

Flexure 
Tensile 

Test  
(MPa) 

Static 
Modulus of 
Elasticity 

(MPa) 
 

Cube  
  
  

Cylinder    Cylinder     Prisms   

 
Cylinder     

46.15  36 3.415 4.638 31270.27 
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Fig. (2): Photo of CFRP strengthening composites.  

 

 

 

 

 

  

Fig.(3):Minimum dimensions of grooves  

   
 
 
 
 
 
 

       
 Fig.(4):  Testing mechanical machine. 

 
 

 
 

 

 

 

                       Fig. (5): Crack pattern of SCC beams. 

 

 

 

 

 

 

 

 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

        Fig. (6): Crack width for all three groups 
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Fig. (7):Concrete strain distribution for beams BC, EBR-S1 
and EPR-P1. 

E. Ultimate Load and Failure Modes 

All the un-strengthened and strengthened RC 
beam specimens were tested up to failure. The 
recorded ultimate loads and failure modes for 
these beam specimens are presented in Table (5). 

IV. CONCLUSIONS

1- For the tested beams externally strengthened 
with CFRP composites(EBR technique), the 
ultimate flexural loads are increased in the 
range (4.65-10.46) percent.   

Fig. (8):Load - deflection for all three groups. 

2- NSM technique was the  most effective and 
suitable technique to enhance the flexural 
capacity of R/C beams compared to EB 
technique.  The ultimate flexural strength 
increasing may reaches  33.72%  percent 
when using CFRP rods.  

3- The strengthening by CFRP composites  
decreases the crack width and increase the 
numbers of cracks.  This is one of the several 
advantages of using the CFRP composites.   

4- The results reflected the good ability of the 
carbon fibers in the rehabilitation of the 
damaged beams by showing an increase in 
the flexural capacity of the beams ranging 
from (18.60-45.35) percent. The best 
rehabilitation is by using CFRP plate in a 
horizontal position.   
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Table (5): Ultimate load capacity and failure mode for tested 
beams. 

Specimen Ultimate 
load , kN 

Increase in 
ultimate 
load ,% 

Failure mode 

BC 172 N\A 

Typical 

flexural 

failure 

EBR-S1 185 7.56 

Tensile 

rupture of the 

CFRP 

EBR-S2 180 4.65 
Concrete 

Cover 
Separation 

NSM-S1 200 16.28 

Tensile 

rupture of the 

CFRP 

NSM-S2 190 10.46 
Concrete 

Cover 
Separation 

RNSM-

S1 
204 18.60 

Tensile 

rupture of the 

CFRP 

EBR-P1 190 10.46 Debonding 

EBR-P2 180 4.65 
Concrete 

Cover 
Separation 

NSM-P1 220 27.90 
Concrete 

Cover 
Separation 

NSM-P2 180 4.65 
Concrete 

Cover 
Separation 

RNSM-

P1H 
250 45.35 

Concrete 
Cover 

Separation 

RNSM-

P1V 
230 33.72 

Concrete 
Cover 

Separation 

Table (5): Continued 

Specimen Ultimate 
load , kN 

Increase in 
ultimate load 

,% 

Failure 

mode 

NSM-b1 230 33.72 
Concrete 

Cover 
Separation 

NSM-b2 180 4.65 
Concrete 

Cover 
Separation 

RNSM-b1 232 34.88 
Concrete 

Cover 
Separation 

Bib 310 80.23 

Typical 

flexural 

failure 
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Abstract 

Plate girders can often be loaded beyond the web 
buckling load predicted by the classical plate buckling 
theory.  This is due to the fact that the web plate is 
framed by flanges and transverse stiffeners which allow 
for a redistribution of stress. The primary function of the 
bottom and top flanges in the plate girders is to resist 
the axial compressive and tension stresses caused by 
bending moment resulting from applying transverse 
loads on the plate girder. The primary function of the 
web is to resist the shear. In this study an experimental 
investigation was made to study the effect of flange 
width on the pre-buckling, post buckling and failure 
behavior, critical shear load and ultimate shear load for 
plate girders loaded in shear. This study includes four 
experimental tests which have been conducted 
considering two different flange width. The acquired 
experimental data were then used to verify the 
theoretical equations proposed by previous researchers. 
Good agreement between the experimental and the 
numerical results were observed. Results show that the 
increase of the ultimate load is about (14%) when 
duplicating the flange width of the plate girder. 

1. Introduction

Fabricated plate girders are employed for supporting 
heavy loads over long spans. The shear forces  and the 
bending moments produced in such girders are well 
beyond the bending and shear resistance of available 
rolled steel girders. Modern plate girders are, in general, 
fabricated by welding together two flanges, a web and a 
series of transverse stiffeners as shown in Figure 1. The 
primary function of the bottom and top flange plates is 
to resist bending moments by developing axial tensile 
and compressive stresses from the bending action. The 
web plate will resist the shear. For a given applied 
bending moment, as the depth of the girder (d) 
increases, the axial force in the flanges decreases so that 
from this point of view it is economical to keep the 
flanges as deep as possible. This would ensure that the 
flanges will resist smaller axial forces.. This entails for a 

deep web whose weight is minimized by reducing its 
thickness, various forms of instabilities, such as shear 
buckling of web plates, lateral-torsional buckling of 
girders, compression buckling of webs, flange-induced 
buckling of webs, and local buckling and crippling of 
webs are considered in design procedures. 

Figure 1: Typical plate girder with intermediate 
and end stiffeners

In order to provide economical and efficient design 
usually results in slender members, advantage must be 
taken of both pre and post buckling capacity of the web 
i.e. the ability of the girder to withstand under 
transverse loads considerably in excess of that at which 
the web buckles. Girder of high strength to weight ratio 
is designed by incorporating the post buckling capacity 
of the web in the design method. 
The elastic buckling concept till 1960s, was basically 
used in the design of steel plate girders and the post 
buckling resistance was only indirectly accounted for 
through lowering safety factors. 
The postbuckling behavior was first discovered by 
Wilson [1] in 1886, and the theory of uniform diagonal 
tension for aircraft structures with very thin panels and 
rigid flanges was developed by Wagner [2] in 1931. In 
late 1950s, Basler and Thurliman [3] have adopted a 
different approach and implemented extensive studies 
on the post buckling behavior for plate girder web 
panels. They assumed that tension field only develops in 
certain parts of the web and the flanges are flexible 
enough to withstand the normal stresses induced by 
inclined tension field. In other words, yield zones will 
form away from flanges and simply transverse stiffeners 
will act as anchors. Their assumptions were in contrast 
to the Wagner’s [2], other researchers like Fujji [4] 
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showed that the formula of Basler was given for 
complete tension field instead of limited band. Basler 
[5] developed further research works made it possible 
for the American Association of Steel Highway and 
Transportation Officials (AASHTO) and the American 
Institute of Steel Construction (AISC) to adopt the post 
buckling strength of steel plates into their specifications.  
On the other side, Porter et al. [6] developed the Cardiff 
model which was adopted into the British Standards. In 
their study, they also assumed that inclined tension 
fields will only developed in a limited portion, the 
contribution of the flanges of the steel girder to the post 
buckling strength is mainly by absorbing normal 
stresses from tension fields; and that as a result, steel 
girders will collapse if plastic hinges form in their 
flanges. 
In 1998, Sung C. Lee and Chai H Yoo [7] performed 
non-linear analysis on three-dimensional finite element 
models of transversely stiffened steel girder web panels 
without longitudinal stiffeners to undergo only pure 
shear, the effect of initial out-of- flatness was also 
included in the study. Based on results of the parametric 
study, new design equations to determine the ultimate 
shear strengths of steel web panels are suggested. In 
order to validate these equations, ultimate shear 
strengths from equations with existing experimental 
data were compared. 
In 2003, Sung C Lee, Chai H Yoo, Dong Y Yoon [8] 
conducted an experimental study in order to examine 
the behavior of the transverse web stiffeners subjected 
to post buckling. The test results confirmed the truth of 
the earlier findings. A new design rules to select the size 
of the transverse stiffeners was formulated through 
extended nonlinear finite element analysis. The finite 
element data was verified by test results. 
In 2006, Chai H. Yoo and Sung C. Lee [9] presented a 
paper revisited a fundamental assumption used in most 
classical failure theories for post buckled web plates 
under shear, They assumed that the compressive stresses 
in a direction perpendicular to the tension diagonal do 
not develop any further increase in the stress once 
elastic buckling has taken place. This assumption 
naturally paved the way to a well-known theory that 
tension field action in web panels of plate girders 
having transverse stiffeners must be anchored by 
stiffeners and flanges so that the webs can develop their 
full post buckling strength. 
In 2008, Donald W. White, Michael G. Barker, and 
Atorod Azizinamini [10], presented a paper for results 
from the collection and analysis of data from a total of 
186 high-shear high-moment, high-shear low-moment, 
and high-moment high-shear experimental I-girder tests. 
The results from the study indicated that, within certain 
restrictions that address the small flange size effect, the 
Basler’s shear resistance model can be used with the 

flexural resistance provisions of the AASHTO 2004 and 
AISC 2005 specifications without considering the M–V 
strength interaction. 
In 2009, MM Alinia, Maryam Shakiba, HR Habashi 
[11] modeled and analyzed number of full-scale plate 
girders to determine their shear failure mechanism 
characteristics. It was observed that shear-induced 
plastic hinges only develop in the end panels. 
In 2012, S.S. Safar [12] studied the shear capacity of 
end web panels stiffened with transverse stiffeners and 
end bearing using finite element analysis method. 
Geometrical and material non-linearities were taken into 
account though the study. The numerical results of the 
study were compared to experimental results 
implemented by other researchers. The study show that 
the end web panels will induce tension field action after 
buckling, the principal tensile stresses will be balanced 
by the compressive stresses in the portions of the web 
stiffened by stiffeners and flanges and the compressive 
stresses in end bearing stiffeners. As a conclusion, the 
end web panels that stiffened with intermediate and end 
bearing stiffeners will support shear loads the buckling 
of the web panels. it was shown also by the study that 
stiffened end web panels with 3 ≤ a/h ≤ 5 possessed 
significant post-buckling strength and the area and 
inertia requirements of the end-bearing stiffeners 
suggested by AISC were sufficient to generate post 
buckling behavior in end web panels. 

2. Ultimate shear resistance

Predictions the theoretical ultimate shear 
resistance of the plate girders Vu were made in 
accordance with the tension field theory, developed by 
Porter et al. [13] and Evans [14].  For a web panel 
having width a, depth d, thickness tw and similar top 
and bottom flanges (Figure 2) the ultimate shear 
resistance Vult is given by: 

Figure 2: Plate girder dimension symbols 
Vult = τcr d tw + σyt sin2 θ (d cot θ − a)

+ 4d tw sin θ�σyw σyt Mp
∗ (1) 

𝜏𝜏𝑐𝑐𝑐𝑐  is the critical shear stress of an assumed simply 
supported web plate given by 

τcr  =  k � 
π2 E

12(1 − ν2)  � � 
tw
d

 �
2

     (2) 
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where k is the buckling coefficient given by 

k =  5.35 +  4 � 
d
a

 �
2

 when 
a
d

 ≥    1 

k =  5.35 � 
d
a

 �
2

 +  4   when 
a
d

 ≤   1 

σyt is the web tension field membrane stress 
defined by the equation 

σyt
σyw

= �1 + �
τcr
τyw

�
2

�1 −
3
4

sin2 2θ�

−
√3
2
�
τcr
τyw

� sin2θ 

(3) 

τyw is the shear yield stress of the web given by 

τyw =
σyw
√3

θ is the inclination of the web tension field, 
assumed approximately to be two thirds of the 
inclination of the web panel diagonal i.e. 

θ =
2
3

tan−1
d
a

σyw is the yield stress of the web and Mp
∗  is a non-

dimensional flange strength parameter defined as 

Mp
∗ =

Mpf

d2. tw σyw
(4) 

𝑀𝑀𝑝𝑝𝑝𝑝 is the fully plastic moment of the flange, which for 
a rectangular flange having width bf, thickness tf and 
yield stress σyf   is given by 

Mpf = 0.25bftf2σyf 

3. Experimental Program

In order to maintain the objectives of the present study, 
and as a first stage of the study, two plate girders were 
designed and examined. The only difference between 
the two girders is the flange width of the girder. Each 
girder was fabricated by welding web plate to one top 
flange plate and one bottom flange plate to obtain I 
shaped plate girder. Welding was designed so that the 
three plates will act as one unit. 

In the second stage of the study, and as a way to 
increase the confidence level of the results, the same 
experimental program was repeated by using two new 
girders using the same dimensions used in the first stage 
except the web plate thickness. Using new plates for this 
stage of the study leads to change the material 
properties also. 

The two girders in the first stage of the study will be 
described as SET1 while the other two girders in the 
second stage of the study will be described as SET2. 

3.1. Plate girder dimensions 

Four plate girders were designed to be loaded in shear. 
Each plate girder has two panels. The true plate girder 
dimensions for all samples are summarized in Table 1, 
the design thickness of the web plate, 𝑡𝑡𝑤𝑤, is 2.0mm and 
2.3mm while the design thickness of the flanges, 𝑡𝑡𝑝𝑝, is 6 
mm. The flanges thicknesses were taken to be constant 
for all tested girder. The modulus of elasticity, E, is 
assumed to be 200,000 MPa and the Poisson´s ratio, ν, 
is 0.3. Each of the four girders has a span of one meter 
with two panels. The design distance between the two 
vertical stiffeners in the girder, a, is 500 mm. The 
design distance between the top and bottom flanges, d, 
is 500 mm. The design width of the flanges, 𝐛𝐛𝐟𝐟, are 120 
mm and 60mm. The aspect ratio of each panel (width to 
depth ratio) is one for all tested girders. The designed 
dimensions of the girders are as shown in Figure 3 while 
the cross section dimensions for all girders are shown in 
Figure 4, pictures for the fabricated plate girders are 
shown in Plate 1. 

Table 1 : Actual Dimensions of the Plate 
Girders 

Set Sample 

Flange  (mm) Web (mm) 
width of 

upper 
flange 

width of 
lower 
flange 

th
ic

kn
es

s 

de
pt

h 

w
id

th
 

Th
ic

kn
es

s 

SET1 
G1S1 119 119 6 501 499 2.0 
G2S1 59.5 60.0 6 50 500 2.0 

SET2 
G1S2 119 120 6 501 499 2.3 
G2S2 59.5 60.1 6 500 502 2.3 

Figure 3 :Plate girder design dimensions (side 
view). 
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SET1: G1S1 SET1: G2S1 

SET2: G1S2 SET2: G2S2 
Figure 4 : The geometry of the tested girders 

G1S1 

G2S1 

G1S2 

G2S2 
Plate 1 :Plate girders before test 

3.2. Steel Properties 

Two steel tensile specimens were used to test the 
mechanical properties for each 2.0mm thickness steel 
web plate and 2.3mm steel web plate and two specimens 
also used to test the mechanical properties of the 6mm 
thickness steel flange plate. Results for all tests are 
summarized in Table 2. 

Table 2: Mechanical properties for the Steel 
girders 

Set SET1 SET2 

Component 
Flanges 

and 
Stiffeners 

Webs 
Flanges 

and 
Stiffeners 

Webs 

Thickness 
(mm) 6.0 2.0 6.0 2.3 

Sample 1 2 1 2 1 2 1 2 
𝜎𝜎𝑦𝑦 (MPa) 245 241 257 253 246 254 240 230 
𝜎𝜎𝑢𝑢 (MPa) 416 422 435 431 420 416 431 425 
𝜎𝜎𝑦𝑦 (MPa) 
(Mean) 243 255 250 235 

𝜎𝜎𝑢𝑢 (MPa) 
(Mean) 419 433 418 428 

3.3. Test setup and equipment 

Four tests for the samples were carried out in structures 
laboratory in University of Technology. The test 
machine can apply transverse load up to 1500kN as 
shown in Plate 2. Special support as shown in Plate 4 
was used to fix the ends of the girder in a manner so that 
no lateral movements will be happened in the support 
area. Each girder was regarded as simply supported 
beam of 1000mm span under the action of one 
concentrated load on the center of the beam. One dial 
gauge was fixed under the middle of the girder to 
measure the central vertical deflection of the plate 
girder. Web camera connected to a computer was used 
to record all the dial gauge reading continuously as 
shown in Plate 3. 

Plate 2 : Testing Machine 
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Plate 3 : Test Setup, Web Camera and Dial Gauge 
Setup 

Plate 4 : End Support 

4. Numerical modeling:

Numerical study for the steel plate girders 
loaded in shear were performed using the finite element 
analysis software ANSYS. Shell elements 43 from the 
code element library was used to build the model of the 
girders. The material was considered to have a perfectly 
elastoplastic behavior. Young's modulus was set to E = 
200 GPa and Poisson's ratio was set to 𝜈𝜈 = 0.3. The 
value of 𝜏𝜏𝑐𝑐𝑐𝑐  was obtained by the method of solving an 
Eigen value problem whereas 𝑉𝑉𝑢𝑢𝑢𝑢𝑢𝑢 was obtained by 
conducting the inelastic buckling analysis. The inelastic 
buckling analysis is essentially nonlinear static analysis 
that incorporates both geometric and material 
nonlinearities with the assumption of an elastic-
perfectly plastic constitutive relation. The Von-Mises 
yield criterion was deployed to account for material 
nonlinearity. Since out-of-plane deformations cannot 
occur in a perfect flat plate, an initial imperfection 
having the same shape of the first buckling mode was 
applied to the plate girders to initiate out-of-plane 
deformations. 

5. Results:

The plate girders were tested under gradually increasing 
load up to failure. The load was applied and the 
deflection was continuously observed by the web 
camera. The test for all girders was stopped at the case 
when large deflection in the girder happened without 
any ability for the load to increase. 

Comparisons between the results of  SET1 and SET2 
are shown in Figure 5 and Figure 6. 

Figure 5 : Load-Mid span deflection curves for SET1 

Figure 6 : Load-Mid span deflection curves for SET2 

Figure 5 and Figure 6 show a good convergence of the 
experimental results with the ANSYS results when 
approaching the ultimate load capacity of the plate 
girder.  
Equations (1&2) in addition to ANSYS software were 
used to calculate the theoretical shear load at which the 
girder panel will start to buckle and the collapse load as 
shown in Table 3. The numerical solution demonstrated 
that the web panels possessed significant post-buckling 
strength before the ultimate failure. 

The ultimate shear strength, 𝑉𝑉𝑢𝑢𝑢𝑢𝑢𝑢, computed by ANSYS 
compared well with test results and other theoretical 
results such that the difference between test and finite 
element solution did not exceed 10% as listed in Table 
3. Results show that the ultimate shear carrying capacity
of the plate girders was improved by approximately 
14% when increasing the flange width from 60mm to 
120mm. The buckled webs of all girders were re-
painted and photos for the buckled girders were taken 
short time after the painting process. Re-painting 
buckled webs was used to take the advantages of the 
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clear refulgence of the buckled parts of the webs while 
the paint is still wet. Plates 5 to 10 show the pattern of 
buckled girders for the experimental and numerical 
parts of the study. This pattern of failure can be 
interpreted due to the diagonal compression stresses 
induced in the web plates. 

Table 3 : Comparison between present study 
results and theoretical results 

Set SET1 SET2 
Sample G1S1 G2S1 G1S2 G2S2 
𝜏𝜏𝑐𝑐𝑐𝑐  (kN) 

[Eq. (2) x 2] 54.084 54.084 71.526 71.526 

𝜏𝜏𝑐𝑐𝑐𝑐  (kN) 
[ANSYS] 67.38 59.21 99.96 87.47 

Ultimate load (kN) 
[Eq. (1) x 2] 176.657 164.125 203.4 190.7

Ultimate load (kN) 
[ANSYS] 173.16 160.38 205.76 182.98 

Ultimate load (kN) 
[Experimental] 170 155 205 175 

Plate 5 : Post buckling deformation for G1S1 

Plate 6 : Post buckling deformation for G2S1 

Plate 7 : Post buckling deformation for G1S2 

Plate 8 : Post buckling deformation for G2S2 

For all plate girders (G1S1, G2S1, G1S2 AND G2S2), 
the Von Mises stress distribution, which is shown in 
Figures (7 to 10), describes the distribution of the 
stresses at the web panels. The highest stress can shown 
to be concentrate underneath the top flange, near the top 
corners and adjacent to the intermediate transverse 
stiffener. 

Figure 7: von Mises stress distribution of plate 
girder (G1S1) at failure 

Figure 8: von Mises stress distribution of plate 
girder (G2S1) at failure 

Figure 9: von Mises stress distribution of plate 
girder (G1S2) at failure 

Figure 10: von Mises stress distribution of plate 
girder (G2S2) at failure 
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6. Conclusions

An experimental and numerical study for the effect of 
flange width on the ultimate shear capacity of plate 
girders loaded in shear was performed. The correlation 
between the theoretical and the experimental results was 
good and the maximum error in the ultimate shear 
capacity was within 10%, significant increase in the 
ultimate shear capacity can be achieve by reducing the 
d/t ratio of the web panel. 

The ANSYS FE-model was used to conduct a study and 
to investigate the effect of geometric and mechanical 
properties on the ultimate shear resistance of the plate 
girder. Experimental work confirms the general 
equations that are used to calculate the collapse load in 
the plate girders and confirms the ANSYS FE model 
results. As a conclusion, increasing the flange width 
from 60mm to 120mm results in increase the shear 
collapse load by approximately 14%. 
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Shear Prediction of Crushed Stone 
Reinforced Concrete Deep Beams with Web 

Openings 
Jalal Ahmed Saeed 1 ,  Honar Khoshavi Issa2 

Abstract-Three series of deep beams were tested in 
order to know the shear strength of crushed stone 
reinforced concrete deep beams with web openings. 
Each series consisted of four beams, one solid and 
three with web openings. After carrying out the total 
tests on the entire beams and doing theoretical 
analysis it was found that for the case of presence of 
web openings, the beams failed in diagonal splitting 
mode of failure due to weakness condition located on 
the load path, and for those beams which had not 
been sufficiently reinforced in bending they failed in a 
ductile manner, particularly in the beams with larger 
span for solid deep beams. After analyzing it was 
found that the horizontal and vertical web 
reinforcement below the openings do not effectively 
contribute in shear strength of the beam while the 
reinforcements above the openings have strong effect 
on their strength. After comprising the test results 
with the previous researchers, it was found that the 
proposed formula by Tan can give an accurate 
prediction of the load up to a/d ratio of 1.60. The 
formula presented by Matamoros is very consistent 
for design of reinforced concrete deep beams. 

Keywords: Crushed stone, Deep beam, Shear 
strength, Openings 

Introduction 
Actually very few deep beams could be found in 
Kurdistan region, that is why no one can do the risk 
to execute such projects. Where one cannot place a 
column exactly on the column below, one is 
induced to locate the column/columns on a beam, 
so that the shear characteristics overcomes the 
bending. These concrete members have depth much 
greater than the normal, in relation to their span, 
while the thickness in perpendicular direction is 
much smaller than either span or depth. The main 
load and reactions act in the plane of member, and a 
state of plane stress in the concrete is approximated. 
Members of this type are called deep beams[1]. 
Beams of this type occur in the following cases:[2] 

• In structures such as silos where the radius
of curvature of the wall is large compared
to thickness of the wall.

• The horizontal or vertical diaphragms used
to transmit the wind forces in the building
(floors or walls) are also frequently of such
dimensions as to be considered deep
beams.

• In reinforced concrete hipped plate
construction where the plates of the
structure proper or the supporting
diaphragm often behaves as deep beams.

Deep beams are usually loaded along the top edge; 
however in some cases for instance walls of storage 
bins, the load may be applied along the bottom edge 
and may also be applied more or less uniformly 
through out the depth. Deep beams may be simply 
or continuous supported. 
Because of special behavior during the imposing of 
the load, combination of stresses differs with 
normal beams. The stress is of two dimensions in 
deep beams. Behavior of reinforced concrete deep 
beams is influenced by the depth to span ratio, type 
of loading, position of load, percentage of tension 
and compression steel, location and amount of web 
reinforcement, width of support zone,  anchorage of 
the main reinforcements, concrete strength, and 
yield strength of the reinforcement. Because of the 
large number of variables, it is difficult to formulate 
an all inclusive design method, either for strength 
or for serviceability. In deep beams, shearing and 
normal stresses become as important as flexural 
stress. Because of their proportions, the strength of 
deep beams is usually controlled by shear rather 
than flexure, provided normal amounts of 
longitudinal reinforcement are used. 

Aim and Scope 
The studies about the shear strength and behavior of 
deep beams using crushed stone as coarse aggregate 
is the main objective of this research. Also the 
effect of opening existence on the deep beam 
behavior is studied. The shape of opening is 
rectangular and has been located at critical position 
along the load path. For increasing the strength of 
the opening some arrangements of reinforcement 
are implemented and each of their behavior is 
studied. After testing, the results are compared with 
the formulas suggested by previous researchers like 
Kong, Matamoros and Tan. 

Experimental Program 
Materials: 
Cement: {Ordinary Portland Cement Mardin type}, 
sand: {from Qandil area} as fine aggregate and 
crushed stone of maximum size 12.5 mm: {from 
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Kurdistan's mountains, especially at Penjowin and 
Sayed Sadeq} as coarse aggregate were used in a 
mix proportion of [ 1:2:3 ] respectively with a 
constant water to cement ratio of 0.50. Two types 
of steel bars were used; deformed bars of 12mm 
diameter for main tensile steel, and plain bars of 
6mm diameter for horizontal and vertical web 
reinforcement. 
Mould: 
Wood mould was the casting form work. The 
mould consisted of three parts the main part of 
which was timber, made the bottom part of mould 
with a breadth of 350mm and two sides as steel 
perpendicular to this mould in two directions. The 
surface of the timber mould was covered with a thin 
steel plate. The sides of the mould were fixed with 
rivets and bolts of small sizes. Photo (1) shows the 
mould inside which the reinforcing steel has been 
put. Three sides of mould were fixed and the fourth 
side position (350mm width) moved for each series 
due to a difference in length of the beams.  
 

 
Photo (1), Placing of reinforcement steel inside the 

mould 

Beams details and testing: 
A total of twelve simply supported beams divided 
into three series of four beams each were tested. In 
each series the first beam was cast solidly and the 
rest were with web openings located on critical load 
path emanating from the load point toward the 
support. For strengthen more the web opening 
against widening of cracks and for studying the 
effect of extra reinforcement around the openings, 
third and forth beams of each series were reinforced 
with continuous and inclined reinforcement 
respectively around the openings. All the beams 
were reinforced with 2 – Ø12mm deformed steel 
bar as main bottom steel and 1 – Ø12mm for the 
top steel. For avoiding bearing failure, the main 
steel bar at the end of beams was hooked at 90º. 
Plain steel bars of 6mm in diameter was used for 
both horizontal and vertical reinforcements. 
Stirrups with space of 100mm center to center were 
used for vertical web reinforcement. Two 
longitudinal plain steel bars of 6mm in diameter 
were used for horizontal shear reinforcement. The 
ends of each steel bar were provided with a 135º 

standard hook to overcome pulling out of steel from 
concrete. The two latest beams of each series (with 
openings) were reinforced continuously and 
inclined successively around openings to control 
over diagonal cracks due to arch action. In the case 
of continuous reinforcement around the opening, 
150mm overlap was applied. Standard 135º hook 
was provided at the ends of each steel inclined bar 
in order to prevent their pulling out from concrete 
during the imposing of the load. Both types of 
reinforcements were carried out for both external 
sides of openings along the width of 100mm.Details 
of specimens are collected in the following Table: 
Table – 1 Specimens details 
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A 

B1 1050 250 0.8 2.71 Solid 
B2 1050 250 0.8 2.71 -- 
B3 1050 250 0.8 2.71 Continued 
B4 1050 250 0.8 2.71 Inclined 

B 

B5 1300 375 1.2 3.43 Solid 
B6 1300 375 1.2 3.43 -- 
B7 1300 375 1.2 3.43 Continued 
B8 1300 375 1.2 3.43 Inclined 

C 

B9 1550 500 1.6 4.14 Solid 
B10 1550 500 1.6 4.14 -- 
B11 1550 500 1.6 4.14 Continued 
B12 1550 500 1.6 4.14 Inclined 

As a sample the details of one deep beam [B4] 
which has inclined reinforcement around opening is 
shown in Fig.1 below. 

No. 6mm@100mm c/c

  

 
35

0 
m

m

       

Fig. 3.6. Details of reinforcement for beam B4
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 All the beams were tested after 28 days curing in 
the laboratory under two point loads on MAURI 
machine 1000 kN capacity, and the necessary 
processes for measuring the strain of steel , 
deflection of midspan and crack propagation were 
performed. Control specimen tests were conducted 
for estimating compressive and tensile strengths.  
 

Fig-1 
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Photo (2),  Placing and loading of beam on MARUI 

machine 

Test Results 
After application of the load, the beams underwent 
some mechanisms. The first flexural cracks earlier 
demonstrated at mid-span of the beam, extended 
upward and stopped at a certain distance from the 
top of the beam (which is defined the compression 
zone). The first inclined crack happened later and 
propagated till the failure occurred. The beams with 
web openings, a fine crack, as expected, was 
observed at the top corner of right opening at a 
stage load application and gradually extended as the 
load was increased toward the load point. Just 
before failure, a sudden crack with a loud sound 
used to observe and a real strut formation was 
sensible, and after a few imposing of the load the 
sudden failure in diagonal splitting mode happened 
for beams with web openings. For the beams which 
failed in diagonal splitting mode of failure, the 
flexural cracks stopped at a stage of imposing the 
load and did not accompanied the diagonal cracks 
till the failure took place. After demonstrating the 
cracks, the gauge of equipment used to pause for a 
while, thereafter went on steady rate, this referred 
to stress redistribution of the beams. 
The deflection for entire beams was in steady rate 
of increasing. The reading for the support rotation 
was increased immediately after load application 
and moved steady. 
Just after beginning the load application, the strain 
of main steel used to increase. When the first crack 
demonstrated, the increasing of main steel strain 
was in higher rate. Because of formation of strut 
after cracking, the strain reading of vertical stirrup 
had very strange decreasing and sometimes it used 
to be stagnant in the vicinity of opening. The strain 
of horizontal steel increased in a steady rate and 

after formation of crack, the change of rate was 
higher, that's why the steel lonely withstand against 
imposed stress which already shared with concrete 
so that before observing of crack the strain reading 
of concrete was stagnant. By more increasing of the 
load, the concrete strain reading at the top of the 
beam used to decrease due to compression stress in 
compression zone of the beam. 
When the cracks formed, the arch action of the 
beams were obviously seen when the arch rib 
cracks observed at the top of the beams above the 
support at a certain stage of load application. 
Summary of test results for entire beams are 
collected in the following Table: 
 
 
 
 
 
 
Table – 2 Test results and mode of failure 

Se
ri

es
 

Beam 
 No. 

Failure 
 Load, 

 kN 

Mode 
 of Failure 

A 

B1 440 Shear-Compression 
B2 181 Diagonal Splitting 
B3 181 Diagonal Splitting 
B4 194 Diagonal Splitting 

B 

B5 315 Flexure 
B6 158 Diagonal Splitting 
B7 165 Diagonal Splitting 
B8 165 Diagonal Splitting 

C 

B9 207 Flexure 
B10 110 Diagonal Splitting 
B11 128 Diagonal Splitting 
B12 160 Diagonal Splitting 

 
Load-Deflection Relationship 

The main observable factor for showing the 
behavior of every beam is the deflection 
assessment. Fig.2 shows the relationship between 
deflection and the applied load for different groups 
of variables. Two stages can be recognized in the 
figures; the first one is elastic stage which, after 
imposing of that load will be the primary stage, and 
after increasing of the load and formation of the 
crack the deflection enters an inelastic stage. These 
stages can be visible when the flexural cracks 
progress well and do not stop in the stage of load 
application, and as shown in figure, for the beams 
which failed in diagonal splitting mode, the second 
stage has not been demonstrated except for beams 
of which flexural crack accompanied the diagonal 
crack up to failure. Whatever the a/d ratio 
increases, the deflection approaches slightly the 
inelastic stage. This is also true of ln/d ratio. On 
other hand, the beams which withstand more 
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openings of the diagonal crack and increase 
ultimate load, the deflection drops behind the 
elastic stage and enters the inelastic stage even if 
they fail in the diagonal splitting mode of failure 
(like beam B12). Diagonal and/or continuous 
reinforcement around openings does not affect the 
control of deflection at the mid span. The presence 
of web openings has affected the value of 
deformation. It creates a weak case along the load 
path and causes earlier failure and consequently the 
deflection remains in the elastic range. 
 
 

Steel Strain 
When the beam cracks the strain of steel is going to 
show its action practically. The steel contribution to 
concrete withstand strain altogether. When the 
crack occurred, suddenly the strain of steel used to 
increase; this refers to that hypothesis which 
expresses that the steel at that moment undergoes 
the total strain which was already applied to both 
concrete and steel, but the concrete is rescued after 
crack and the steel solely is responsible for strain. 
Fig-3 shows the relationship between the applied 
load and the strain of the main steel. The increase 
of the steel strain is not regularly proportioned to 
that of the imposed load. It can be concluded that 
whatever a/d and ln/d increase the value of the main 
steel strain increases and sometimes it reached the 
yield and moved beyond that value. From the test 
results, it is noticeable that the presence or absence 
of extra reinforcement around the opening does not 
affect the strain of the main steel. Indeed for the 
entire beams no specific path for this relationship is 
observable. The only beam which could show 
relatively the behavior of the steel is beam B9 
which failed in the flexural mode and passed both 
stages, i.e. elastic and inelastic. 
The contribution of vertical stirrup to show the 
behavior of deep beam in this study is peculiar, this 
can be observed from Fig-4. The strain which has 
been taken near the support has sometimes exposed 
to compression and sometimes no increase 
occurred. This explains that near the support the 
vertical stirrup does not affect the formation of the 
crack. The steel above the support is exposed to 
high compression stress. The effective position for 
vertical stirrup is above the opening which acts like 
a beam on opening. 
Fig-5 shows the relationship between the horizontal 
stirrup and the applied load. For a/d not more than 
1.20, the horizontal stirrup is the most effective in 
controlling the crack. For the beams with openings 
the horizontal stirrup participates more in 
conducting the stress around the openings 
according to the strut and tie model of the web 
opening presented by Sio [11]; this is noticeable 
from the test results. 
The diagonal one demonstrated strongly its effect 
on the formation of inclined crack. Its role is most 

effective when it delays the formation of the 
inclined crack along the load path. The diagonal 
steel also increased an average of 32.7% to the 
ultimate applied load. Therefore, it can be 
concluded that the presence of the inclined steel 
around the opening is necessary and can help the 
beam to withstand heavy concentrated loads. The 
effect of the inclined steel can be more observed 
when the ln/d and a/d are increased, and it is 
recommended to use it for their high value. Fig-6 
shows the relation between the strain of the 
diagonal steel and imposed load. 
 

Moment – Rotation Relationship 
The moment – rotation relationship is significant to 
describe the shape of the elastic curve and the 
degree of rotation over each support. These 
relationships are shown in Fig-7. Two stages in 
rotation can be considered; indicates the elastic 
behavior of the beams. Before the formation of any 
crack, the plots are linear. Thereafter and because 
of lesser stiffness of the section and formation of 
the crack, a nonlinear rotation is realized over the 
end support with an observed increase in rotation 
until the failure occurs. By comparison between 
counter beams in each series, it can be realized that 
the beams with a/d = 1.20 have less value of 
rotation regarding with other beams, and the beams 
with higher value of a/d demonstrated larger 
rotation. This may be slightly true when the beams 
failed in the diagonal splitting mode. But for beams 
which failed in shear-compression and flexure 
modes, increasing the rotation depends on 
increasing the a/d value. Also increasing the a/d 
value causes the increase in rotation for the left 
support in any case of the failure mode. At the left 
support, the amount of rotation decreased at the 
beginning of the load increment. The left support 
had been put on a plate representing a simple 
hinged support with no concentrated contact area, 
and therefore, it causes a reversal rotation and acts 
like a semi fixed support. Thus, some peculiar plots 
for the left support are observed. 

Cracking 
The behavior of deep beams also depends on the 
crack formation. The control over the crack 
formation is the most important case for increasing 
the ultimate strength of any beam. In this study two 
main cracks were observed. The flexural crack 
which was demonstrated earlier and the inclined or 
shear crack which was formed later. The presence 
of web reinforcement helps in delaying the crack 
formation and withstands the high strain emanating 
from the crack formation. If a low amount of 
reinforcement corresponding to the span is used for 
beams the flexural cracks control over the beam and 
eventually 16.67% of the beams failed in flexural 
mode. For beams with web openings, the inclined 
cracks could dominate over the behavior of the 
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beam and 75% of the beams failed in the diagonal 
splitting mode.  
 

Compression Zone 
By more focusing on the depth of the compression 
zone, it can be observed that the compression zone 
depth is approximately equal to 0.15H for solid 
beams which failed almost in the flexural mode. By 
increasing the a/d and ln/d, the depth of the 
compression zone is slightly decreased. The depth 
of the compression zone for those beams which 
failed in the diagonal splitting mode varied among 
0.33H, 0.26H and 0.22H for a/d equal to 0.80,1.20 
and 1.60 respectively. This proved that an increase 
in a/d causes a decrease in the compression zone 
depth. The addition of steel around the opening 
does not affect the depth of the compression zone. 
The observations of inclined cracks formed along 
the load path emanated from the support toward the 
load point show that the critical section for shear is 
located at the face of the support. 

 
Mode of Failure 

For the beams tested three modes of failure were 
observed; the flexural, the diagonal splitting and the 
shear compression modes of failure. The beams 
almost failed in the diagonal splitting tensile mode. 
The modes of failure were accompanied with the 
formation of strut and tie model which was formed 
finally and caused instantaneous failure when the 
beams failed in the diagonal splitting mode. The 
shear-compression mode of failure was observed 
when the local crushing and spalling of concrete 
under the load point accompanied with main 
diagonal crack emanating from the face of support 
to the load point. The flexural failure occurred in a 
ductile manner withstanding to high value of 
deflection. The final stage of failure observed when 
the crushing and spalling of concrete took place at 
compression zone. Table-2 has collected the 
ultimate load and modes of failure for the tested 
beams and the following photos show the formation 
and extension of cracks till the beams failed.  
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Fig.2 Load – Deflection relationship for beams B1 – B12  
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Fig.3 Load – Main steel Strain relationship for beams B1 – B12  
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Fig.7 Moment – Rotation relationship for beams B1 – B12  
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Photos showing the formation and extension of cracks 
 
 

Result Comparison 
Hereinafter the results of the performed tests are 
compared with the proposed formula presented in 
the  literatures. Kong[8] has presented formulas for 
both solid and partially web opened deep beams. 
The Kong's formula for web opening is said to be 
close to the test results. 
Matamoros[15]  et al have presented a formula for 
design of deep beams based on strut-and-tie model. 
For reinforced concrete solid deep beams, the 
formula is reasonable for designing. 
Tan et al[14] proposed a consistent formula to 
analyze and design of web opening reinforced 
concrete deep beams. It could, more or less, 
accurately predict the loads up to a/d ratio less than 
1.60. 
The comparison made is shown the following 
Table: 
  
  

Beam 
No. 

Vn
Tan 

/ 
Vu

Test 

Vn
Matamoros 

/ 
Vu

Test 

Vn
Kong 

/ 
Vu

Test 
B1 -- 0.98 0.60 
B2 0.93 -- 0.96 
B3 0.93 -- 0.97 
B4 0.97 -- 0.98 
B5 -- 0.81 0.68 
B6 1.08 -- 1.07 
B7 0.93 -- 0.99 
B8 1.05 -- 0.92 
B9 -- 0.87 0.80 

B10 1.52 -- 0.94 
B11 1.51 -- 0.93 
B12 1.21 -- 0.76 

  
 

 
 
 

Conclusions 
1. For a/d ratio not more than 1.20, the horizontal 
stirrup is the most effective in controlling the crack.  
2. By focusing on the test results, it is noticeable 
that a formula can be derived from gained data and 

that is fsp = 0.73 'cf , where fsp and fc' are 
diagonal tensile and compressive strengths of 
concrete. This formula has been found empirically 
from twelve tested deep beams for a mix proportion 
of 1:2:3. 
3. Diagonal and/or continuous reinforcement 
around openings does not affect deflection at the 
midspan. 
4. Near the support, the vertical stirrup does not 
affect the formation of cracks. The steel above the 
support is exposed to high compression stress. The 
role of the horizontal and main steels in this area is 
strongly observable. 
5. The presence of the inclined steel around the 
opening is necessary and can help the beam to 
 withstand heavy concentrated loads. The presence 
of the continuous steel around the opening also 
affects the ultimate strength but in lower value 
compared with diagonal one. The addition of 
reinforcements around the openings not only retards 
the formation of cracks but also increases the 
ultimate load by averages of 7% for the continuous 
steel and 19% for the diagonal steel. 
6. The compression zone depth for solid deep 
beams which failed almost in the flexural mode is 
approximately equal to 0.15H. This value for those 
beams which failed in the diagonal splitting mode 
varied among 0.33H, 0.26H and 0.22H for a/d 
equal to 0.80, 1.20 and 1.60 respectively. 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

175



7. The existence of openings along the load path 
makes weakness conditions for the beam in 
resisting the imposed load. They reduced 59%, 
50%, and 47% of the strength of the beams for a/d 
ratios of 0.80, 1.20 and 1.60 respectively. The 
average of reduction load resisting, when the web 
opening was located in the way of load path, is 
52%. 
8. Increasing a/d ratio decreases the strength of 
deep beams by 31.35% for solid and 15.37% for 
beams with web openings. 
9. The horizontal web steel below and between the 
openings does not have strong effect on the failure 
That occurred at the top and it can be said that the 
horizontal web reinforcement will vanish when the 
a/d ratio is going to increase. The web 
reinforcement above the openings is very effective 
in the strength of deep beams. 
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Abstract— The appropriate evaluation of the effective capacity 
of a concrete strut is an important factor in the analysis and 
design of concrete members using the strut-and-tie model. 

This study involves analyzing two piles-caps together with 
other available tested pile caps in literature. Many expressions 
are proposed in the current study to evaluate the strength 
efficiency factor for strut βs of pile caps using the nonlinear 
multiple-regression analysis to the experimental data.  

Based on strut-and-tie model technique of American 
Building Code ACI 318M-11, a new expression for strut 
efficiency factor βs is suggested to account for the effects of shear 
span to effective depth ratio (av/d), transverse-shear ρst and 
longitudinal- flexural ρs reinforcement ratios, concrete 
compressive strength f'c and the newly considered parameter 
(bw-lb/bef.). 

The proposed expressions have minimum values of mean 
absolute error (MAE) and root mean square error (RMSE), while 
they have maximum values for coefficient of multiple 
determinations (R2). 
The proposed formula result in good agreement with the 
experimental results as it has (R2=0.91) as a curve fitting 
accuracy. 
Index Terms— Strut-and-Tie Model, Strength efficiency factor,  
Pile cap, and Regression. 

I. INTRODUCTION 
he shear behavior of reinforced concrete members has 
been a challenging issue over the past years. According to 
many previous studies, the behavior of reinforced concrete 

members under applied shear force is the relative combination 
of the tied-arch action and the beam action of the member [1].  
For cracked members these two actions are made possible by 
transmitting the shear with the contributions of aggregate inter 
lock between the cracked surface; an un-cracked region in the 
flexural compression zone; and the dowel action of the 
longitudinal reinforcement. Important parameters affecting the 
shear capacity include the strength of concrete, the shear span 
to effective depth ratio (av/d) and support nodal zone 
conditions, the effective depth of the member d (i.e. size 
effect), and the coarse aggregate size. 

Reinforced concrete members can resist shear forces 
through the development of several mechanisms. Shear failure 
in reinforced concrete members is resisted by providing 
transverse reinforcement. Hence, reinforced concrete design of 
pile caps is based on shear capacity of these caps. Because of 
the complexity of shear mechanism of reinforced concrete 
members and the effect of various influencing parameters, it is 

 

difficult to establish an overall model to provide accurate 
estimation of shear strength. 

The strut-and-tie model is a representative design method 
based on the plasticity theory for reinforced concrete members, 
which is regarded as a mechanical or physical model for 
structural behavior and failure. It was included in the 
Appendix-A of ACI 318M-02 [2] for the design of D-reigns. 
Despite that the application of the plasticity theory was limited 
to concrete (i.e. limited ductility); the strut-and-tie model is 
successful in predicting the shear strength of reinforced 
concrete members, such as deep beams, corbels and pile caps 
by adopting the concept of the effective strength of concrete 
for a strut βs and nodal zones βn. The general and simple 
concept of the effective compressive strength of concrete strut 
is multiplying the concrete strength by a certain reduction 
factor in the form of a coefficient, in which is usually termed 
an "strut efficiency factor-βs" for the strength of concrete strut. 
the flexural rigidity of the plate section per unit width. 

      The physical reason for adopting a reduction factor βs 
is the development of diagonal cracks (i.e. off-strut axis 
cracks) in the shear span of reinforced concrete member av. 

Nowadays, refined analysis of concrete structural 
members becomes necessary. This study is devoted to 
establish of empirical expressions to predict effective strength 
capacity of diagonal strut for reinforced concrete pile caps 
based on available experimental data. The reduced capacity of 
the concrete strut is verified by comparing the predicted 
efficiency factor with the proven one calculated from 
experimental results. 

II. COMPRESSION FAILURE OF STRUT  
The crushing strength of the concrete in a strut is referred to as 
the effective strength: 
 

cff cu '.ν=                                                                  (1) 
 
In which ν  is an efficiency factor having a value (0-1). ACI 
318M-11 Section A.3.2 [3] replaces fcu with the effective 
compressive strength, fce. Various sources give different values 
of the efficiency factor Schlaich and Schafer [4] and 
Rogowsky and MacGregor [5]. The major factors affecting the 
effective compression strength are: 
1- The concrete strength: Concrete becomes more brittle and 
ν tends to decrease as the concrete strength increases. 
2- Load duration effects: The strength of concrete members 
tends to be less than the cylinder compressive strength f'c. 
Various reasons are given for this lower strength, including the 
observed reduction in compressive strength under sustained 
load, the weaker concrete near the tops of members due to 
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vertical migration of bleeding water during the placing of the 
concrete, and the different shapes of compression zones and 
test cylinders. For flexural members, ACI 318M-11 Section 
10.2.7.1 [3] accounts for this, in part, by taking the maximum 
stress in the equivalent rectangular stress block as 0.85f'c. For 
struts, load duration effects are accounted for in the ACI 
318M-11 [3] by rewriting equation (2) as: 
 

( )cff sce '85.0.β=                                                      (2) 

Values of βs are given below in Table (1). 
 

Table (1) Values of βs Strut by ACI 318M-11 

 
 

III. Evaluation of Strength Efficiency Factor for Strut-βs 
 
A key parameter in the analysis and design of concrete 
elements using strut-and-tie models according to ACI 318M-
02 [2] and latest editions of the Code  is the definitions of a 
strut effective strength factor used to calculate strut strength. 
The strut effective strength factor βs is meant to capture the 
lower compressive strength of concrete when the strut is 
subjected to off-axis tensile strains. It depends on strut 
geometry and transverse strain conditions. The total applied 
force on the pile cap of two piles resulted in shear forces 
transferred to each support or piles. The force in the direct 
strut forming between load and support in strut-and-tie model 
Fs is: 

θsin
u

s
V

F =                                                                   (3) 
 
Where 
Vu is the ultimate shear strength or the experimental shear 

load. 
θ       is the angle of inclination of the strut.  
 
The top-node height h1 and the bottom-node height Wtie can be 
found as follows: 
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n
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×
=
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β
β
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                            (4) 

 

Where βn is increasing degree of disruption of the nodal 
zones, hc is the transverse dimension of column nodal zone, 
and lb is the transverse dimension of pile nodal zone. Figure 
(1) shows forces and geometry of nodal zones in the strut-and-
tie model. In the present study, the top and bottom nodal zones 
ended up the strut are investigated to determine the strut 
efficiency factor βs. Even when the support width lb (i.e. pile 
width) is wider than half the top bearing plate or (column 
width bc), the bottom nodal zone is governing the 
determination strut strength in all specimens. 

This is consistent with the location of expected concrete 
spalling near the top of the strut failed by strut crushing, Breña 
and Roy, 2009 [6]. Therefore, the top and bottom widths of the 
strut will be determined as follows: 
 

θθ

θθ

cossin

cossin
2

.

1

×+×=

×+×=

−

−

tiebotts

plate
tops

WlbW

h
L

W                                   (5) 

 

 
Fig. (1) Node Geometry for Strut Strength-βs , Breña and Roy, 2009 [6]  

 

 

 

The stress at the top and bottom ends (i.e. nodal zones) of the 
strut can be calculated using the following expressions: 
 

For Struts in which the area of the mid 
section cross section is the same as the area 
at the nodes, such as the compression zone 
of a beam or footing. ACI Section A.3.2.1 

βs=1.0 

For Struts located such that the width of the mid section of 
the strut is larger than the width at the nodes (Bottle-Shape 
struts). ACI Section A.3.2.2 
a- With reinforcement satisfying A.3.3 βs=0.75 
b- Without reinforcement satisfying A.3.3 βs=0.6 
For Struts in tension members or the 
tension flanges of members. ACI Section 
A.3.2.3 

βs=0.4 
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Where hc and lb are transverse dimensions of column and pile 
cross section. By equating the lower stress of strut from the 
above equation with the ACI 318M-02 [2] strut strength to 
estimate the strut effective strength factor βs: 
 

( ) θθβ
β

β

β

22 cossin'85.0

'85.0

×+××

×
=

=

Vulbf
Vu

f
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nc

n
s
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                                          (7) 

 

IV. Experimental Data 
 

Thirty tested pile caps are used for comparison and regression 
analysis process for derivation of equations to estimate the 
shear capacity of pile caps, regression analysis is used. 
Fourteen of these pile caps were recently tested by Abdul-
Hameed, 2015 [7]. The remaining sixteen pile caps had been 
tested and reviewed by Blevot and Fremy, 1967 [8] and 
Delalibera and Giongo, 2008 [9]. A brief description of piles 
caps included in this database is shown in Figure (2) and listed 
in Table (2).  
 

 
Fig. (2) Pile Caps Elevation and Section for Use in Statistical Analysis 

Table (2) Database Components of Pile Caps 
Used in Parametric Study 

 

Test results of these pile caps represent adequate data for 
analysis and comparison purposes because they include the 
important variables that affect the capacity and behavior of 
pile caps. The variables and their ranges are as follows: 
 
1. Shear span to effective depth ratio (av/d) which varies 

between 0.6 and 1.25. 
2. Concrete compressive strength f'c which is in the range 

between 23.1 MPa and 48.2 MPa. 
3. Longitudinal flexural reinforcement ratio ρs which ranges 

between 0.38 % and 2.512 %. 
4. Transverse shear reinforcement ρv and ρh which vary 

between 0 and 0.465 %. 
5. Transverse dimensions ratio between pile and cap (bw-

lb/bef.) varies from 0 to 0.6. 
6. Effective depth d which is in the range between 250 and 

895 mm. 
 
Table (3) contains the ultimate shear strength Vu, inclination 
angle of the strutθ, allowable compressive stress of strut fstrut, 
the pile cross sectional dimension lb, and effective strength 
factor βs of strut for the pile caps used in this study. 
 

 
Table (3) Model Parameters for Strut Efficiency Factor-βs 

Pile  
Cap 

bw 
mm 

d 
mm 

f'c 
MPa av/d ρs 

% 
ρv 
% 

ρh 
% 

PC1 330 270 29 1 0.677 0.233 0.197 
PC2 330 270 29.8 0.8 0.677 0.291 0.175 
PC3 330 270 32.1 0.6 0.677 0.401 0.162 
PC4 330 270 31.1 1 0.677 0.155 0.262 
PC5 330 270 29.5 1 0.677 0.310 0.131 
PC6 330 270 29.4 1 0.677 0 0.393 
PC7 330 270 30.7 1 0.677 0.465 0 
PC8 330 270 29.9 1 0.677 0.155 0.131 
PC9 330 270 29.4 1 0.677 0.310 0.262 

PC10 330 270 30.8 1 0.677 0 0 
PC11 330 270 30.7 1 0.38 0.233 0.197 
PC12 330 270 32.8 1 1.128 0.233 0.197 
PC13 330 270 39.3 1 0.677 0.233 0.197 
PC14 330 270 48.2 1 0.677 0.233 0.197 
PC15 250 250 40.6 1.25 2.512 0.101 0.158 
PC16 250 250 40.6 1.15 2.512 0.104 0.149 
PC17 250 250 32.8 1.25 2.512 0 0 
PC18 250 250 28.9 1.25 2.01 0.101 0.158 
PC19 250 250 32.8 1.25 2.512 0 0 
PC20 250 350 31 0.9 1.954 0.208 0.217 
PC21 250 350 31 0.75 1.954 0.228 0.199 
PC22 250 350 32.4 0.9 1.954 0.000 0.000 
PC23 250 350 28.9 0.9 1.563 0.208 0.217 
PC24 250 350 32.4 0.9 1.954 0 0 
PC25 400 495 23.1 1.2 2.44 0 0 
PC26 400 495 43.2 1.2 2.03 0 0 
PC27 400 700 27.3 0.85 1.72 0 0 
PC28 400 700 44.6 0.85 1.45 0 0 
PC29 400 895 32.1 0.67 1.35 0 0 
PC30 400 895 46.1 0.67 1.13 0 0 
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Pile  
Cap 

Ultimate 
Shear 
Load       

Vu (kN) 

Strut 
Angle    

θ     
(deg.) 

fstrut 
(MPa) 

lb 
(mm) βs 

PC1 417.5 49.81 15.06 180 0.611 
PC2 471 59 15.71 180 0.621 
PC3 661.5 68 20.6 180 0.755 
PC4 392.5 49.81 14.73 180 0.557 
PC5 462.5 49.81 16.22 180 0.647 
PC6 445 49.81 15.79 180 0.632 
PC7 472.5 49.81 16.67 180 0.639 
PC8 497.5 49.81 17.1 180 0.673 
PC9 582.5 49.81 18.76 180 0.751 

PC10 460 49.81 16.4 180 0.626 
PC11 393.25 49.81 14.7 180 0.563 
PC12 649.25 49.81 20.92 180 0.75 
PC13 517.5 50.41 19.1 180 0.571 
PC14 582.5 50.76 21.94 180 0.535 
PC15 910.5 32.62 21.91 250 0.635 
PC16 911.52 34.82 21.4 250 0.62 
PC17 703 32.62 17.34 250 0.622 
PC18 631.5 32.62 15.42 250 0.628 
PC19 940 32.62 19.56 250 0.701 
PC20 1138 43.83 19.6 250 0.744 
PC21 1143.75 48.8 19.42 250 0.737 
PC22 1045 43.83 19.11 250 0.694 
PC23 1135 43.83 18.91 250 0.77 
PC24 1527.5 43.83 23.13 250 0.84 
PC25 1029.5 36.87 11.96 350 0.609 
PC26 1593.5 36.87 20.19 350 0.55 
PC27 1471 47.3 14.18 350 0.618 
PC28 2550 47.3 24.34 350 0.642 
PC29 2206.5 54.78 19.12 350 0.701 
PC30 2942 54.78 26.06 350 0.665 

 

V. Proposed Expression for Strut Efficiency Factor-βs  
The strut efficiency factor βs is positively proportional to 
transverse shear reinforcement (ρv & ρh) and longitudinal 
flexural reinforcement ρs, while adversely proportional to the 
ratio of shear span to effective depth ratio (av/d) and concrete 
compressive strength f'c. The ACI 318M-11 Code [3] values 
for the strut efficiency factor βs did not account for these 
parameters because the Code uses a constant values for this 
factor. Therefore, it can be noticed that the use of current strut-
and-tie modeling provisions of ACI 318M-11 [3] leads to an 
over estimation of strut efficiency factor βs. Also, the presence 
of transverse tensile stress at support due to speared of 
compression out from that support, Abdul-Hameed, 2015 [7] 
results in decreasing the strut efficiency factor βs. So that the 
effect of parameters (lb/bw) for bottom nodal zone and/or 
(hc/bw) for top nodal zone should be included as an additional 
parameter in the present study. 

The proposal involves construction of a new expression for 
the strut efficiency βs factor that accounts for all parameters 
based on test results and compiled experimental data available 
in literatures. The proposed expression of the factor  βs  is a 
function of the parameters f'c, ρs, ρv, ρh and (av/d) based on 
their effects on strut efficiency factor βs.  Therefore the 
proposed empirical formula used to evaluate the strut 

efficiency βs factor will base on bearing pressure to allowable 
stress ratios on each side of bottom nodal zone, Figure (3). 
Also, the effect of longitudinal flexural reinforcement ρs and 
transverse shear reinforcement (ρv & ρh) are included in 
combination with the effect of shear span to effective depth 
ratio (av/d). Hence, the following simple expressions are 
proposed: 

 

 
Fig. (3) Idealized Strut Geometry and Bottom Nodal Zone Forces 
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where 
Rnp is the ratio of bearing pressure to allowable stress at 

support face of bottom nodal zone. 
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Rns is the ratio of bearing pressure to allowable stress at strut 
face of bottom nodal zone. 

Rnt is the ratio of bearing pressure to allowable stress at tie 
face of bottom nodal zone. It is not used as it has unity 
value for all pile cap specimens.  

Rntt is the ratio of bearing pressure to allowable stress at tie 
face of bottom nodal zone in transverse direction. 

Rts is the ratio of tie stress to allowable stress for tie steel 
reinforcement at bottom nodal zone. 

Rst is the ratio of transverse shear reinforcement stress to 
allowable stress, related to equations. 

Vs  is the shear reinforcement steel strength contribution. 
Kv & Kh are the proposed effectiveness coefficients for vertical 

& horizontal transverse shear reinforcements. 
 
An expression for determining effective width of bottle-shaped 
strut bef. shown below in Figure (4) was given by Brown and 
Bayrak, 2008 [10]: 

 
Fig. (4) Bottle-Shaped Dispersion of Compression-Elastic Distribution 

36.min.
lslsbbef ≥






 +=                                                       (11) 

where 
bef. is the effective width of Bottle-Shaped strut  (i.e. width at 

mid length). 
ls     is the strut length. 
bmin is the minimum width at ends of strut.                                                    
 

Now, The coefficients and exponential (A-H) of the 
proposed formulas are calibrated by results of βs)Exp obtained 
from test data using non linear regression analysis technique 
available in software Data Fit-2014 Program. The coefficients 
of this equation are calibrated by results of βs)Exp obtained 
from test data using non linear regression analysis technique 
available in software Data Fit-2014 [11] Program. The error 
values will be calculated to investigate the accuracy and the 
performance of each proposed formula. Three statistical 
parameters are selected to make the comparison between the 
results of experimental results and the proposed empirical 
formulas. These include mean absolute error (MAE), root 
mean square error (RMSE) and coefficient of multiple 
determinations (R2), Kennedy and Neville, 1986 [12]. These 
coefficients can be obtained using the following expressions: 
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where  
SSE measures the "unexplained" variation (i.e. sum of the 

squares of the residuals). 
SST measures the variation in the experimental or     observed 

shear strength. 
xi is the experimental value of shear strength for a certain pile 

cap. 
x  is the average value of experimental values for  all pile 

caps. 
yi is the predicted value of shear strength for a certain pile cap. 
 

Table (4) shows the error values of the four proposed 
models of Equation (8) based on number of nonlinear 
iterations, (MAE), (RMSE) and (R2). All equations show 
excellent accuracy of fitting (R2) closer to unity. This reflects 
the reasonable accuracy of these equations in comparison with 
the existing empirical equations. 

 
Table (4) Fittings Accuracy of Proposed Empirical Equations 

to Predict the Strut Efficiency Factor-βs 
Proposal 

No. (MAE) (RMSE) (R2) 

1 0.01362 0.02399 0.99867 
2 0.01372 0.0237 0.9987 
3 0.01415 0.02358 0.99871 
4 0.01421 0.02336 0.99874   

 
For detailed comparison between the proposed equations and 
existing equations, only equation of Proposal 4 is selected, as 
it has the minimum values of (RMSE) engaged with maximum 
values for coefficient of multiple determinations (R2). These 
results illustrate the accurate convergence between test results 
and analytical results by using this equation where all ratios 
are generally typical for all pile caps. Finally, proposal number 
four of empirical equations (8) is selected as it has the largest 
coefficient of multiple determinations (R2=99.87%) compared 
with other proposals, and final form becomes: 
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VI. Comparison between Proposed Equation and Existing 

Values of βs  
Figure (5) shows a comparison between experimental and 

theoretical results obtained by the ACI 318M-11 Code [3] and 
by the proposed equation for effectiveness factor βs)Pre.. It 
shows that the proposed equation has good agreement with test 
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results where the data points of the proposed equation are 
convergent among themselves and close to the 45° line 
(βs)Exp.=βs)Pre.), while the ACI 318M-11 Code [3] provisions 
gives un-conservative results as their data points have large 
dispersant away from the 45o line.  
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Fig. (5) Comparison between Experimental and Predicted Strut 

Effective Strength Factors 
 

Figure (6) shows the ratio of experimental to the predicted 
values for strut efficiency factor βs versus concrete 
compressive strength f 'c. The relative values are convergent for 
all values of f 'c and the fit line of the results has a slope equal 
to (-0.07%). Figure (6) also, shows that the proposed equation 
is valid for all different values of concrete compressive 
strength even for (f'c≥42MPa); it gives relative values close to 
unity. 

Figure (7) shows the ratio of experimental to the predicted 
values for strut efficiency factor βs versus percentage of 
longitudinal reinforcement ratio ρ s . The relative values are 
convergent for all values of ρ s  and the fit line of results has a 
slope equal to (-0.64%). This means that conservatism of this 
equation is significantly increased with increasing ρ s  or being 
more underestimating when ρ s  is less. 

Figure (8) shows the ratio of experimental to the predicted 
values for strut efficiency factor βs versus ratio of shear span to 
effective depth (av/d). The relative values are convergent for 
all values of (av/d) and the fit line of results has a slope equal 
to (-0.91%). Also, the fit line and data points of the proposed 
equation results converge to unity (i.e. zero line slope). 

Figure (9) shows the ratio of experimental to the predicted 
values for strut efficiency factor βs versus ratio the effective 
depth d. The relative values are convergent for all values of d 
and the fit line of results obtained using this equation is very 
close to unity line, as it has very small slope equal to (-1.4*10-

3%). 
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Fig. (6) Concrete Compressive Strength f'c versus Ratio of 

Experimental to Predicted Strut Efficiency Factor  
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Fig. (7) Longitudinal Reinforcement Ratio ρ s  versus Ratio 

of Experimental to Predicted Strut Efficiency Factor  
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Fig. (8) Shear Span to Effective Depth Ratio (av/d) versus 
Ratio of Experimental to Predicted Strut Efficiency Factor  
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Fig. (9) Effective Depth d versus Ratio of Experimental to 

Predicted Strut Efficiency Factor 
 

Figure (10) shows the ratio of experimental to the 
predicted values for strut efficiency factor βs versus the 
difference between cap and pile in transverse dimensions to 
effective strut width at bottle-shaped region ratio (bw-lb/bef.). 
The relative values are convergent for all values of (bw-lb/bef.) 
and the fit line of results has a slope equal to (+1.5%). Also, 
the fit line for data points of the proposed equation results is 
very close to unity line. 
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Fig. (10) Ratio of Transverse Dimensions to Effective Strut Width 
at Bottle-Shaped Region (bw-lb/bef.) versus Ratio of Experimental 

to Predicted Strut Efficiency Factor  
 

Figure (11) shows the ratio of experimental to the predicted 
values for strut efficiency factor βs versus percentage of 
vertical transverse shear reinforcement ρ v . The relative values 
are convergent for all values of d and the fit line of results has 
a slope equal to (+1.2%). Also, the fit line for data points of 
the proposed equation results is very close to unity line. 
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Fig. (11) Percentage of Vertical Transverse Shear 

Reinforcement ρ v  versus Ratio of Experimental to Predicted 
Strut Efficiency Factor 

 
Figure (12) shows the ratio of experimental to the predicted 

values for strut efficiency factor βs versus percentage of 
horizontal transverse shear reinforcement ρ h . The relative 
values are convergent for all values of d and the fit line of 
results has a slope equal to (+2.1%). Also, the fit line for data 
points of the proposed equation results is very close to unity 
line. 
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Fig. (12) Percentage of Horizontal Transverse Shear 
Reinforcement ρ h  versus Ratio of Experimental to 

Predicted Strut Efficiency Factor  
 
 

VII. Conclusions 
 
Based on strut-and-tie model technique of American Building 
Code ACI 318M-11, a new expression for strut efficiency 
factor βs is proposed for pile caps to account for the effects of 
concrete compressive strength f'c, longitudinal flexural 
reinforcement ratio ρs, shear span to effective depth ratio 

The 2nd International Conference of Buildings, Construction and Environmental Engineering (BCEE2-2015)                            _

185



(av/d), effective depth d, transverse shear reinforcement ratios 
(ρv & ρh), and the newly considered parameter (bw-lb/bef.) 
instead of the provisions of ACI 318M-11which adopts only 
constant values. This modification in addition to some 
assumptions makes the proposed expression has a better 
agreement with test results as it has coefficient of multiple 
determinations (R2) of about 99.87%. 
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Abstract— This paper presents preliminary results of an 
ongoing analytical study on the behavior of steel connections 
under fire. Steel beam-end connections play a crucial role in 
maintaining the integrity of structures during a fire.  A series of 
finite element (FE) simulations is first developed to better 
understand the behavior of top-seat angle connections with and 
without double web angles. Second, the FE models are validated 
against experimental results from the literature at elevated 
temperatures. The results show that FE models are capable of 
predicting the behavior of such connections under fire and that 
the presence of web angles does not alter the connection failure 
mode but the angle thickness does. Third, FE models were 
developed to investigate the effect of beam length and load ratio 
on the behavior of such connections during a fire. Results provide 
important insights into fire-induced thermal forces and 
deformations and their implications on the design of top-seat 
angle connections under fire. 

Index Terms— FE, Fire, Resistance and Demand, Steel, Top-
seat angle. 

I. INTRODUCTION 
EAM end framing steel connections are critical elements 

that transfer the floor load to columns or girders.  Current 
design procedures account only for gravity loads on such 
connections. However, during a fire, large axial forces can be 
generated in steel beams and beam end connections [1]. At 
elevated temperatures, beams undergo restrained expansions 
creating compressive axial forces in the connection. Near the 
end of the heating phase of a fire, these forces become tensile 
and the beam sags. At the cooling phase, the tensile forces 
increase tremendously as the beam contracts. Furthermore, 
large rotational deformations develop in the connection due to 
thermal demands. These large thermally induced forces and 
deformations demands may result in failure of the connection 
during or after fire. 
Steel connections are classified in three groups: rigid, partially 
restrained and pinned connections depending on their stiffness 
[2]. Top and seat angle connections are designed as partially 
restrained connections that restrain moment but allow some 
rotation or as pinned connections allowing rotation [3]. As 
previously discussed, top and seat angle connections are 

designed to resist only gravity loads at ambient temperature; 
however, the inherent flexural resistance of such connections 
cannot be ignored especially when subjected to fire [4].  
Similarly, many studies were conducted to analyze the 
behavior of bolted top and seat angle connections exposed to 
fire [5]. More recently, Saedi et al. [6] performed twelve 
experimental tests on bolted top and seat angles with and 
without bolted double web angles exposed to fire. It was 
concluded that the angles thickness, the bolts strength and the 
applied moment and forces are the main factors affecting the 
capacity and resistance of such connections. Furthermore, this 
study showed that improper bolts capacity will deprive the use 
of full capacity of the connection components. In another 
study, Saedi el al. [7] validated his experiment conducting a 
series of FE models to predict the behavior of bolted top and 
seat angle connections under fire. Moreover, the failure 
mechanism, whether tension bolts yielding or fracture of top 
angle, was analyzed in order to better design such connections.  
Even though many studies analyzed this topic, the global 
behavior and response to fire of bolted top and seat angle with 
and without bolted double web angles is still unclear. 
Specifically, the failure modes, the forces and deformations 
demands, at elevated temperatures, are not satisfactorily 
understood. 
In this paper, FE models of top and seat angle connections at 
elevated temperatures are developed to better understand the 
behavior and failure mechanism of such connection under fire. 
These FE models are then validated against results from 
corresponding experiments available in the literature [6]. 
Furthermore, FE models of a connection assembly are further 
generated and used to conduct a parametric study to identify 
the key geometric and material parameters that affect the 
behavior of bolted top and seat angle connections during the 
heating and cooling stages of a fire.  This includes load ratio 
and beam length. This aims in providing a set of data to 
develop simplified models to account for the thermally-
induced forces on these connections when exposed to fire. 

II. FE MODEL OF ISOLATED TOP AND SEAT ANGLE CONNECTION

A. FE model 
This FE model is developed to reproduce the temperature-
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rotation response at elevated temperature of the specimens 
used in an experimental program [6] for validation purposes. 
The complete model of the bolted top and seat angle 
connections with and without bolted double web angles is 
shown in Fig. 1(a) and 1(b), respectively. The FE model of the 
connection was developed in ABAQUS [8].  

(a) 

 
(b) 

 
Fig. 1. Connection details in FE model: (a) Top and seat angle with web 

angles; (b) Top and seat angle without web angles. 
 

B. Geometry of connection components 
The first two bolted top and seat angle connection specimens 
used in the validation comprise of two angles L150×100×15 
mm (L6×4×5/8 in.) as used in the experiment. The second two 
bolted top and seat angle connection specimens consists of two 
angles L100×100×10 mm (L4×4×7/16 in.). In all cases, the 
two angles connect an IPE300 (W12×26) column to an 
IPE220 (W8×15) beam.  M16 bolts (5/8 in. diameter) are used 
for both the tension and shear bolts. In two of the four 
specimens additional 2L100×100×15 mm (2L4×4×5/8 in.) 
web angles connect the beam to the column. Details of the 
connection configuration can be found in [6]. 

C. Geometric and force boundary conditions 
All specimens are loaded in two steps.  In the first step, tension 
and shear bolts are subjected to a pretension force. The pre-
tensioning is modeled by applying a pressure on the nuts of the 
bolts equivalent to the minimum required pretension force 
specified in the AISC Specification [9].  In the second step, a 
concentrated load is applied at the tip of the beam.  The 
loading is applied as a pressure over a 1 cm wide strip of the 
beam at a distance of 200 cm (79 in.) away from the 
connection in accordance with the experiment available in the 
literature [6]. 
Boundary conditions are applied on the system throughout the 
analysis as shown in Fig. 1(a) and 1(b).  During all steps of the 

analysis, the beam is restrained from moving in the horizontal 
direction to prevent lateral torsional buckling. All nodes at the 
bottom column flange are assumed to be restrained against any 
translation and rotation and nodes at the top column flange are 
free to move reflecting the experimental test set up [6, 7]. Note 
that, half the connection was modeled and symmetry was 
applied all along the length of the column to model the 
symmetry of the connection as shown in Fig. 1(a) and 1(b).   

D. Material Properties 
 An idealized bilinear model is used for all steel materials.  
The mechanical properties of the beam, angles and column at 
ambient temperature used in the FE model are: the yield stress 
Fy =235 MPa (34 Ksi), and the ultimate stress Fu =420 MPa 
(61 Ksi).  All bolts have a yield stress Fy of 740 MPa (107 
Ksi) and an ultimate stress Fu of 866 MPa (125 Ksi). The 
mechanical properties of all structural material at elevated 
temperatures can be calculated using the retention factors 
proposed by Eurocode3 [10].  Fig. 2 shows the retention 
factors for mechanical properties of all steel materials used in 
the FE model. Note that the mechanical properties of all 
materials are in conformity with those specified in [6].    

 
Fig. 2. Strength retention factors for steel material at elevated temperatures. 

E. Model discretization 
Discretization of all the components of the connection model 
in ABAQUS was performed using C3D8-R: eight-node brick 
elements with reduced integration. The element type used in 
the simulations was chosen to accurately model the real 
behavior of the connection with reasonable accuracy and 
preventing shear locking problems. The mesh configuration is 
shown in Fig. 1.  As noticed, at regions where failure is 
expected to occur (at the proximity of the connection), and at 
regions where stress is likely to concentrate (around bolt holes 
and at the point of application of the load) a finer mesh and a 
mapped mesh are adopted respectively in order to advance the 
accuracy of interpolations.  

Surface-to-surface contact with a finite sliding coefficient is 
used to reproduce contact surfaces between the bolt shank, the 
angles, the beam and the column. This finite sliding was used 
to represent a friction coefficient of 0.25 as per Danesh et al. 
[11].  The finite sliding allows separation, sliding, and rotation 
of the contact surfaces. 

Nodes at the web of the 
column are symmetric 

Nodes at the bottom of the column flange 
are fixed against translation and rotation 

 

Nodes at the sides of the flange 
of the beam are restrained against 

lateral translation 
 

Pressure Load 
 

Nodes at the web of the 
column are symmetric 

Nodes at the bottom of the column are fixed 
against translation and rotation 

 

Pressure Load 
 

Nodes at the sides of the flange of the 
beam are restrained against lateral 

translation 
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F. Analysis procedure 
In order to predict the strength and behavior of bolted top and 
seat angle connections with and without bolted double web 
angles exposed to fire, a transient temperature analysis was 
assumed in all ABAQUS models of the connection in 
compliance with the experiment [6].  The connection models 
are subjected to a concentrated gravity load applied at the tip 
of the beam. While keeping this load constant, the connection, 
as well as part of the column and beam at the proximity of the 
connection, is heated up until failure with a maximum 
temperature value of 1000 °C. Note that since material fracture 
was not considered in the analysis of the connection, post-
ultimate response cannot be obtained. The objective is to 
identify the limit states in the loaded connection under fire 
loading. 
 

G. Comparison of FE predictions with experimental results 
The capability of the ABAQUS model to predict the strength 
of bolted top and seat angle with and without bolted double 
web angles under fire loading is validated against full scale 
tests [6]. Plots of temperature versus rotation of connection for 
both experimental and ABAQUS models are shown in Fig. 3 
and 4. It can be seen that in all four specimens, the FE results 
are in good agreement with the experimental results. 
Comparing specimens S9 with S5 in Fig. 3 and S3 with S13 in 
Fig. 4, we notice that for the same angle size, adding web 
angles will only improve the sustained temperature by 40 °C 
for specimens S3 and S13 while it does not affect the sustained 
temperature for the other two specimens. These results can be 
explained from the fact that, for thicker angles (Fig. 3), the 
failure is governed by the tension bolts failure; hence the 
additional capacity given by the web angles is not used. While 
for thinner angles (Fig. 4), some of the web angles capacity is 
used before the failure of the connection is governed by top 
angle leg fracture as shown in fig.5. Comparing S9 with S3 
and S5 with S13 (Fig. 3 and 4) we conclude that using thinner 
angles will reduce the capacity of the connection by 80 °C  for 
top and seat angle without web angles and by 45 °C  for top 
and seat angle with web angles. This is mainly caused by the 
additional capacity that web angles grant for the connection 
making it less susceptible to failure. Furthermore, using thicker 
angles will change the failure mode from top angle leg fracture 
to tensions bolts failure. The FE models of the bolted top and 
seat angle connections with and without bolted double web 
angles have been proven to be accurate in predicting the 
behavior, strength, rotation and deformation of such 
connections under fire.  

 
 
 
 
 
 
 
 
 

(a) 

 
(b) 

 
Fig. 3. Temperature versus rotation of connection for both experimental and 
Abaqus models:   (a) S9- using L150×100×15 mm without web angles, (b) 

S5- using L150×100×15 mm with web angles 

III. TOP AND SEAT CONNECTION ASSEMBLY: EVALUATIONS OF 
DEMAND 

Top and seat angle connections are usually designed to resist 
gravity loading only at ambient temperature.  Nevertheless, 
when exposed to fire, demands on the connection increase 
because large axial forces develop in the beam and connection. 
Therefore, three-dimensional FE models of top and seat angle 
connection assemblies were developed in ABAQUS and used 
to conduct preliminary parametric studies on the behavior of 
beam-to-column top and seat angle connections subjected to 
fire.  The general objective of these studies is to gain 
additional understanding of the key parameters that influence 
the performance of bolted top and seat angle exposed to a 
temperature-time history idealization of a real fire. Note that 
the study conveyed here has two main limitations:  the 
connection performance after first fracture is not considered, 
and the composite concrete floor system is not included in the 
models. 
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(a) 

 
(b) 

 
Fig. 4. Temperature vs. rotation of connection for both experimental and 
Abaqus models: (a) S3- using L100×100×10 mm without web angles, (b) 

S13- using L100×100×10 mm with web angles. 

 
Fig. 5. Von Mises stresses distribution in top angle at failure 

 

A. Description of the connection assembly model 
A typical beam-to-column connection was designed to conduct 
the parametric study in conformity with the procedure 
proposed by Schippers [12]. A W16x36 is connected to a 10 
ft. (3.05 m) long W14x90 column using bolted top and seat 
angle as shown in Fig. 6. Material properties of all steel 
components of the connection at ambient temperature used in 
the ABAQUS models are similar to the ones used by Hu and 
Engelhardt [13] in a previous study on shear tab connections. 
The structural bolts used in the FE model are ASTM A490. 
For elevated temperature material, the retention factors 
proposed by Eurocode3 [10] were used to define the material 
properties of these bolts.  As for the steel material of all other 
components of the top and seat angle connection, the retention 
factors proposed by Lee et al. [14] were used to define the 
elevated temperature material properties of this base material. 

The column was assumed to be pinned at both the top and 
bottom ends reflecting real conditions in typical steel 
buildings. The connection was designed as a pin connection 
subjected to a gravity load that produces a moment equal to 
the plastic moment of the beam. While keeping the load 
constant, a temperature gradient was applied to the connection 
making the analysis transient. The beam, the top and seat 
angle, the web angles if present, and part of the column which 
is in contact with the connection were heated. The remaining 
part of the column was assumed to be insulated.  The 
temperature was assumed to increase linearly with time and to 
be uniformly distributed in the heated parts of the structure.  
The temperature was increased to 650 °C and then cooled 
down to 20 °C.  Due to perfect symmetry of both the bolted 
top and seat angle connection model and the bolted top and 
seat angle with bolted web angles connection model, symmetry 
was applied to the beam flange and web at mid span section. 

 

B. Effect of key parameters  
Two key parameters, load ratio and beam length, were 

examined. 
 
Load Ratio  
 

The load ratio is the maximum moment developed at the beam 
mid-span divided by the nominal plastic moment capacity of 
the beam section. Since the connection was designed as a 
pinned connection, the maximum moment developed at mid-
span is equal to wl2/8, where w is the applied load and l is the 
span length of the beam. For the load ratio parameter, the 
length of the beam was taken to be 30 ft. (9.15 m), which is a 
typical span length of steel floor beams in buildings.  Three 
load ratios were analyzed: 0.25, 0.50, and 1.00. The axial 
force on the connection is plotted against the temperature for 
all three load ratios as shown in Fig. 7(a). It can be seen that 
when the load ratio is 1.0, the maximum compressive force on 
the connection is reduced when compared to the cases where 
the ratio is 0.25 and 0.50.  This is due to the fact that the beam 
has already yielded and cannot develop any additional thermal 
induced compressive forces. For the three load ratios, full 
failure of shear bolts occurred at some stage during the heating 
phase as shown in Fig.8. Thus, the connection could not carry 
the total axial force developed during the heating stage and 
failure occurred at 530oC for 0.25 and 0.50 load ratio and at 
550oC for 1.0 load ratio. When increasing the load ratio from 
0.25 to 0.50, no significant variation of the connection axial 
force was observed. Fig. 7(b) shows the connection rotation 
for different load ratios. It can be seen that as the load ratio 
increases, the beam rotation increases. This is due to the 
plastic hinge that occurs in the beam. Note that the rotation of 
the beam is defined in this paper as the change in angle formed 
by the centerline of the beam web. In conclusion, increasing 
the load ratio affected both the beam rotation and axial force. 

 

Failure of horizontal 
angle leg 
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(Top and Seat Angles) 
 
 
 
 
 
 
 
 
 
 
 

Fig. 6. Layout of connection assemblies used in parametric study. 
 

Beam length  
 

Beam length effect on the top and seat angle connection 
behavior was analyzed. Three typical beam lengths were 
selected for analysis: 20 ft (6.10 m), 30 ft (9.15 m), and 40 ft 
(12.20 m).  In all cases, the load was chosen to be 1/3 of the 
full beam plastic moment capacity.  Fig. 8(a) shows the axial 
compressive force variation with temperature. It can be seen 
that although longer beams develop higher compressive force, 
the maximum axial compressive force on the connection for 
longer beams occurs at a lower temperature. From Fig. 8(b), it 
is found that the longest beam has the lowest rotational 
stiffness producing the highest connection rotation. The beam 
length analysis shows that increasing the beam length does not 
affect the failure temperature but affects the maximum 
compressive force developed in the connection and the 
connection rotation. 

 
 
 
 
 
 
 
 
 
 
 

(a) 

 
(b) 

 
Fig. 7. (a) Axial force in the connection during heating for a varying load 

ratio, (b) Temperature vs. rotation of beam for different load ratios. 

 

Fig. 8. Von Mises stresses distribution in bottom shear bolts at failure. 

IV. CONCLUSION 
FE models were validated against experimental results 
available in the literature. The results show that FE simulations 
are capable of predicting the behavior and failure modes of 
bolted top and seat angle connections with and without bolted 
double web angles when exposed to fire loadings. The modes 
of failure of bolted top and seat angles are tension bolts failure 
and fracture of top angle leg for thinner and thicker angles, 
respectively. Hence, results showed that using thinner angles 
will affect the failure mechanism of such connections. Also, 
using the double web angles in the connection did not provide 
additional rotational stiffness since failure was either governed 
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by yielding of tension bolts or fracture of top angle. Results of 
the parametric study show that increasing the load ratio will 
decrease the beam axial force but will increase the connection 
rotation. Similarly, increasing the beam length will increase 
both the beam axial force and the connection rotation. 
Ongoing extensive parametric studies on top-seat angle 
connections are being conducted in order to study the effect of 
more geometric and material parameters on deformation and 
strength capacities of top-seat angle connections. This set of 
data will be used to develop a simplified model that allows 
engineers to quantify the thermally induced forces and 
incorporate them in the design of connections subjected to 
high temperatures. 

 
(a) 

 
(b) 

 
Fig. 9. (a) Axial force in the top and seat angle connection during heating and 

cooling for varying beam lengths, (b) Rotation of the top and seat angle for 
varying beam lengths. 
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Abstract— The objective of this study is to investigate the 
behavior of simple shear tab connection with composite beam 
subjected to fire. A 3D finite element (FE) model is developed in 
ABAQUS to predict the strength and deformation capacities of 
shear tab connection during the heating and cooling phases of a 
fire. The results of the FE model are compared with experimental 
results available in the literature. Thermal retention factors are 
used to model the strength degradation of steel bolt and base 
material at elevated temperature. Also, concrete damage plasticity 
(CDP) is included to model the tensile cracking and compression 
crushing of concrete slab at elevated temperature. This paper is 
an initial step for future parametric studies on shear tab 
connection with composite beam to quantify the thermal induced 
axial forces and deformations in simple beam end connections. 

 
Index Terms— Shear tab; Composite beam; Fire; Finite Element; 
Thermal forces. 

 

I. INTRODUCTION 

OMPOSITE beams are structural members composed of 
steel and concrete joined together to act as a single unit. 

The compressive strength of concrete combined with the 
tensile strength of steel, at ambient temperature, can grant the 
composite beam system high strength and ductility. However, 
during a fire, the behavior of the composite beams is more 
complex. Large axial forces can be developed in the beam end 
connection .Then, the composite beam would undergo sagging 
and connection rotation. Also, during cooling phase, failure 
may occur due to possible large tensile forces on the 
connection. 
 

Many analytical studies were conducted in the past few 
years to investigate the behavior of composite beam with 
simple shear tab connection subjected to fire. Almost all 
studies showed that buckling occurred at the bottom flange of 
the beam and shear tab failure occurred due to the large axial 
forces applied on the connection [1]. Moreover, numerical 
investigation was performed by Agarwal et al. [2] where 
mainly they focused on the overall stability and behavior of 
ten-story steel building structure with composite floor system 
having shear tab connections subjected to fire loading. It 
includes inelastic buckling of steel column, yielding of steel 
beams, tensile cracking and compression inelasticity of the 
concrete slab, and partial composite action between concrete 
slab and steel beam .The FE results showed that large negative 

 

moments were developed in the connection during fire that 
causes bolt shear failure in shear tab connection. 3D FE 
models were also performed by Garlock and Selamet [3] to 
study the behavior of a shear tab connection without including 
the concrete slab. However, they accounted for the concrete 
slab flexural stiffness using linear springs attached along the 
top flange of the beam. The results showed that this type of 
connection can survive the heating phase and fracture that 
occurred during the cooling phase of fire due to large tensile 
forces that developed in the connection. Another numerical 
investigation focused only on the shear stud connectors 
behavior at elevated temperature [4]. It was concluded that the 
shear stud connectors failed during fire. Also, a full-scale 
experimental test on a composite beam with shear tab 
connection was performed by Selden et al.[5]. The results 
showed that the shear tab connection failed at the toe of the 
weld during the cooling phase due to tensile forces on the 
connection.  

In this paper, a 3D FE model of shear tab connection with 
composite beam subjected to elevated temperature is 
conducted and validated against experimental results 
performed by Selden et al.[5] to investigate the overall 
behavior of the composite beam system during heating and 
cooling phases of a fire. CDP was included to model the 
mechanical behavior of concrete slab at elevated temperature. 
Future parametric studies will be conducted in order to 
determine the effect of major geometric and material 
parameters (such as load ratio, beam length, connection 
location, and gap distance) on the behavior of shear tab 
connection with composite beam under elevated temperature.   

 

II. FE MODEL OF COMPOSITE BEAM WITH SHEAR TAB 
CONNECTION 

 

A. FE model 
The FE model of composite beam with shear tab connection 

is developed to reproduce the experimental results [5].The FE 
model was developed in ABAQUS.  
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Fig.1. Shear tab connection details in the FE model. 

 
The composite beam specimen is 3.8m long and consists of 

W10x22 steel beam attached to a lightweight concrete slab of 
89mm thick and 914mm wide. The composite beam is 
connected to W14x109 column with single shear tab (6.35mm 
×114mm ×152mm) connection that is welded to a sacrificial 
plate and bolted to the beam web. The weld is 6.35 mm thick 
and 152mm long. The bolts of ¾ inch (A325) are used to resist 
only the shear force. Details of the connection configuration 
can be found in the literature [5]. Figure 1 shows the 3D model 
of shear tab connection with composite beam. 

 

B. Geometric and force boundary conditions 
The model is loaded in two steps. The first step is used to 

apply pretension forces in the shear bolts. The second step is 
used to monotonically load the connection. A point load of 
156KN (35.07 Kips), is applied at mid-span of the composite 
beam throughout the load step [5]. The applied load is held 
constant during the heating phase. During the cooling phase, 
the load is kept constant until reaching a temperature of 250ºC, 
and at 250ºC the applied load is decreased by 70%. After the 
specimen cooled to 150ºC, the applied load is completely 
removed. 
 

Boundary conditions are applied on the system throughout 
the analysis as shown in Figure 1. During the pretension step, 
the bolts are restrained against any translation to ensure 
contact between the bolt head and nut, and base material.  The 
shear tab is also restrained from translation to ensure its 
contact with the shear bolts and the beam.  During the loading 
step, the previous boundary conditions are deactivated. The 
composite beam was restrained against lateral displacement to 
prevent lateral torsional buckling. 

 

C. Material Properties 
 

Steel material  

 
Fig.2. Strength retention factors for structural steel, structural bolts, and weld 

material at elevated temperatures. 
 

An idealized bilinear model is used for the steel materials.  
The ambient-temperature mechanical properties used for the 
steel beam and column is: the yield stress Fy = 394MPa     
(57.1 ksi), and the ultimate stress Fu = 541 MPa (78.6 ksi). 
The shear tab consists of A36 with yield stress Fy = 317 MPa      
(46 ksi) and the ultimate stress Fu = 448MPa (65 ksi) is used 
in the model. Also, The structural bolts of ¾ inch A325 N 
bolts, and the weld with electrode strength FEXX= 756 MPa 
(110 ksi) are incorporated in the model. At elevated 
temperature, retention factors proposed by Hu al. (2009) [6] 
are used for the base material whereas the retention factors 
proposed by the AISC specifications (AISC 2015) [7] and 
Eurocode 3 (2006) [8] are used for the bolts and welds, 
respectively.  Figure 2 shows the retention factors for 
mechanical properties of structural bolt, weld, and steel 
materials incorporated in connection simulations. 
 

Concrete material  
The mechanical behavior of concrete at elevated temperature 

is complex, involving strong nonlinearity, different failure 
mechanisms under compression and tension (crushing or 
cracking), and other temperature-dependent effects such as 
thermal expansion. Thus, the mechanical behavior of concrete 
is modeled using a CDP model as given by Lee and Fenves 
[9]. CDP uses the concepts of isotropic damaged elasticity in 
combination with isotropic tensile and compressive plasticity 
to represent the inelastic behavior of concrete. The concrete 
compressive strength (f'c) used is equal to 44.8MPa (6.4 ksi).  

D. Model discretization 
Discretization of all the components of the connection model 

in ABAQUS was performed using C3D8-R: eight-node brick 
elements with reduced integration.  Figure 1 shows the mesh 
configuration of the model.  To improve the accuracy of 
predictions, a finer mesh is used around the connection region, 
where failure is likely to take place.  This has been done to 
improve the accuracy of predictions using solid elements that 
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have translational degrees of freedom only.  Moreover, to 
account for stress concentration around the bolt holes, a 
mapped meshing technique was used to discretize bolts and 
their surrounding areas. 
Surface-to-surface contact with a finite sliding coefficient is 
used to reproduce contact surfaces between the bolt shank, 
shear tab, and the steel beam. This finite sliding, represented 
by a friction coefficient of 0.3, allows separation, sliding, and 
rotation of the contact surfaces. Tie constraint was used to 
reproduce the contact between concrete slab and top flange of 
the steel beam knowing that in this paper we didn’t take into 
account the percentage of the partial composite action. Also, 
the fillet weld is tied with adjacent parts and the column flange 
with sacrificial plate using tie constraint. 

 

E. Analysis procedure 
Transient analysis is conducted to predict the strength of 

shear tab connection subjected to thermal loading, which  
includes both heating and cooling phases of a fire. The 

loading and heating cycles were conducted in sequential steps. 
A concentrated load was first applied at the mid-span of the 
composite beam. Then, it was heated to a bottom flange 
temperature of 600 ºC and then cooled down. The temperature 
histories of the composite beam elements can be found in the 
literature [5]. 
 

F. FE versus experimental prediction 

 
Fig.3. (a) Mid-span displacement vs. bottom flange temperature, (b) load vs. 

mid-span displacement. 
 

The FE results of the shear tab connection with composite 
beam are plotted against the experimental test available in the 
literature [5]. In Figure 3, the FE and experimental results of 
shear tab connection with composite beam are plotted and 
compared. It can be seen that the FE results can accurately 
predict the total force-deflection response under elevated 
temperature. 

 
Fig.4. Shear tab connection during cooling phase: (a) Deformed shape 

obtained from FE simulation, (b) Experimental-deformed shape. 
 
Figure 4(a) and 4(b) show a compression of actual deformed 
shape and failure modes observed in the experiment of the 
shear tab connection during the cooling phase against the 
corresponding one from the simulation. It can be seen that the 
FE simulation can predict closely the deformation response of 
the connection as well as it failure mode which is fracture at 
the toe of the weld.  

  

III. CONCLUSION 
FE model of shear tab connection with composite beam is 

developed using ABAQUS to predict the behavior of the 
connection at elevated temperature. The FE results predict 
with excellent agreement the force-deflection response and 
failure mode when compared to experimental results available 
in the literature [5]. The FE model and the experiment show 
that the shear tab connection with composite beam survived 
the heating phase up to 600 ºC. However, fracture of the shear 
tab connection at the toe of the weld during cooling phase 
.This highlights the need for further parametric studies to 
quantify the thermal induced axial forces and deformations in 
the composite beam to ensure safe design. 
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